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TRANSLATIONS OF FOREIGN LITERATURE ON HYDRAULICS 


Progress Report of the Task Force on List of Translations of the 
Committee on Hydromechanics of the Hydraulics Division 


INTRODUCTION 


In an attempt to bring to hydraulic engineers an up-to-date listing of trans- 
ions of foreign literature on hydraulics, it is the intent of the task force 
sparing this report to issue, from time to time, progress reports containing 
table items. Interested readers are urged to submit discussions to (a) add 
this list, (b) offer suggestions for improvement, and (c) otherwise assist 
task force in fulfilling its aims. The present list is the first list issued 

ce the publication, in 1957, of ASCE Manual 35 entitled “A List of Trans- 
ions of Foreign Literature on Hydraulics.” This list is to be considered as 
addendum to Manual 35 and will be included in a revision of that Manual 

2n the time is deemed appropriate. 


Agostini, L. and Bass, J. “The Theories of Turbulence” (Les Theories 


de la Turbulence). Publications Scientifique et Techniques du Ministere 
de L’Air, No. 237, 1950. NACA TM 1377, October 1955. 


Beaudevin, C. “Stability of Rubble Mound Breakwaters with a Protective 
Cover Layer of Loose Cap Rock” (Stabilité des digues a talus 4 carapace 
en vrac). La Houille Blanche, Vol. 10, Special No. A, pp. 332-339, 1955. 
Tr. by J. C. Van Tienhoven. WES Tr. No. 55-4, August 1955. 


Biesel, F., and Le Méhaute, B. “Notes on the Similitude of Small Scale 
Models for Studying Seiches in Harbors” (Apercus sur la similitude des 
modéles réduits destines a 1’étude des seiches portuaires). La Houille 
Blanche, Vol. 10, No. 3, pp. 392-407, July 1955. Tr. by J. C. Van 
Tienhoven. WES Tr. No. 56-1, March 1956. 
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Biesel, F. and Le Mehaute, B. “Three Dimensional Seiche Motion” 
Mouvements de Seiches a Trois Dimensions). La Houille Blanche, Vol. 
12, No. 3, pp. 430-438, July-August 1957. Tr. by M. S. Petersen, U.S. 
Corps of Engineers, July 16, 1958. (On file at WES) 


Bohi, K., Meyer-Peter, E., Hoeck, E., Muller, R. “The International 
Regulation of the Rhine River from the Mouth of the Ill River to Lake 
Constance” (Die internationale Rheinregulierung von der Il] miindung bis 
zum Bodensee). Schweizerische Bauzeitung, Vol. 109, No. 16, pp. 187- 
192; No. 17, pp. 199-202; No. 18, pp. 212-219, 1937. Tr. by J. C. Van 
Tienhoven. WES Tr. No. 56-2, April 1956. 


Bonnemoy, G. “The Equilibrium Profile of Rivers of Movable Bed” (Le 
profil d’équilibre des riviéres 'a fond mobile). Annales des Ponts et 


Chaussées, May-June, 1955, pp. 283-322. Tr. by M. S. Petersen, U. S. 


Corps of Engineers, 1958. (On file at WES) 


Braudeau. “A Few Techniques Used for the Study and Measurement of fl 
Discharge of Solids” (Quelques techniques pour l’étude et la mesure du 
debit solide). La Houille Blanche, Vol. 6, Special No. A, pp. 243-252, Mi 
1951. Tr. by J. C. Van Tienhoven. WES Tr. No. 54-4, May 1954. 


. Bourguignon, P. “Check on the Validity of the Method for Predeterminir 


Head Losses in a Tunnel by Means of Circulating Air” (Controle de valic 
te de la predetermination des pertes de charge d’une galerie par circu- 
lation d’air). La Houille Blanche, Vol. 11, Special No. A, pp. 134-142, 
March-April 1956. Tr. by H. Nercessian, National Research Council, 
Canada, 1956. 


. Carry, C. “Mean Velocity of Material in Suspension” (Vitesse Moyenne 


Des Materiaux En Suspension). International Association for Hydraulic 
Structures Research, Third Meeting, Grenoble, Proceedings, September 
1949. Tr. by D. J. Hebert. USBR Tr. No. 228. 


Craya, A. “Notions Concerning Suspended Load for Variable Regime” ~ 
(Schemas De Suspension En Regime Variable). International Associatiol 
for Hydraulic Structures Research, Third Meeting, Grenoble, Proceed- 
ings, September 1949. Tr. by D. J. Hebert. USBR Tr. No. 224. 


Davidenkoff, R. “A Contribution to the Theory of Hydraulic Piping” (Zu: 
Berechnung des hydraulischen Grundbruches). Die Wasserwirtschaft, — 


Vol. 46, No. 9, pp. 230-235, June 1956. Tr. by F. Stenger, USBR Tr. Na 
334, May 1957. 


Defant, Albert. “Ebb and Flow; the Tides of Earth, Air, and Water” eh 
und Flut des Meeres, der Atmosphare und der Erdfeste). Original } 
Publisher: Springer Verlag, Berlin, 1953. Tr. by A. J. Pomerans. ; 
American Publisher: University of Michigan Press, 1958. j 
De Mello Flores, J. O. “The Hydraulic Jump” (Le Ressaut). La Houille 
Blanche, Vol. 9, No. 6, pp. 811-822, December 1954. Tr. by J. C. Van 
Tienhoven, WES Tr. No. 56-11, December 1956. 


ee eet: 


Droblenkov, V. F. “The Turbulent Boundary Layer on a Rough, Curvi- 
linear Surface” (Turbulentnyi pogranichnyi sloi na sherpokhovatoi ’ 
kivolineinoi poverkhnosti). Otdelenie Tekhnicheskikh Nauk (Separate), 


No. 8, pp. 17-21, 1955. Tr. by Akademiia Nauk SSSR, Izvestia. NACA | 
TM No. 1440. 7 
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. Egorov, I. T. “Impact on a Compressible Fluid” (Udar 0 szhimaemuiu 
zhidkost). Prikladnaia Mathematika i Mekhanika, Vol. 20, No. 1, 1956. 
NACA TM No. 1414. 

. Eschler, H. “Investigations as Regards the Lowering of Weir Stop Logs 
in Flowing Water” (Untersuchungen iiber das Einsetzen von Wehrdamm- 
balken in der StrOmung). Schweizerische Bauzeitung, Vol. 75, No. 27, pp. 
429-432, July 6, 1957. Tr. by J. C. Van Tienhoven. WES Tr. No. 58-2, 
January 1958. 


Fauconnier, B. “Scour Downstream from Dams” (Le probleme des af- 

fouillements a l’aval des barrages). La Houille Blanche, Vol. 13, No. 2, 
pp. 123-144, March-April 1958. Tr. by M. S. Petersen. U. S. Corps of 
Engineers, 1958. (On file at WES) 


, Fontaine, E. “De-watering of the Turbine Runners at Chastang and 
L’Aigle” (Denoyage des Roues de Turbines de Chastang et de L’Aigle). 
La Houille Blanche, Vol. 9, Special No. B, pp. 711-713, November 1954. 
Tr. by E. B. Moses, USBR Tr. No. 327, February 1956. 


Forchheimer, P. “Flow Over a Lateral Weir” (Salida por un vertedero 
lateral) or (Uberfall uber ein Streichwehr). “Tratado de Hidraulica” 
(Treatise on Hydraulics). (Tr. of 3rd German edition by Manuel Lucini) 
1935. Tr. by C. W. Thomas, USBR Tr. No. 342, May 1957. 


_ Formica, G. “A Report on Backwater Profiles of Gradually Varied Steady 
Currents Flowing in Cylindrical Conduits” (Nota sui profili di rigurgito 
delle correnti permanenti gradualmente variate defluenti in gallerie 
cilindriche). Abstract from L’Energia Electtrica, Pamphlet No. 8, 
August, 1953. -Tr. by R. B. Mudge, USBR Tr. No. 335, June, 1957. 


Gaddini, B. “Researches on the Roughness of the Industrial Channels of 
the Terni Company” (Ricerche sulla scabrezza di canali industriali della 
Societa Terni). L’Energia Elettrica, Vol. 32, No. 12, pp. 1099-1108, 
December 1955. Tr. by J. C. Van Tienhoven. WES Tr. No. 57-4, May 


1957. 


Gariel, P. “Experimental Research on the Flow of Superposed Layers of 
Fluids of Different Densities” (Recherches expérimentales sur 1’écoule- 
ment de chouches superposées de fluides de densités différentes). La 
Houille Blanche, Vol. 4, No. 1, pp. 56-64, January-February 1949. Tr. 
by J. C. Van Tienhoven. WES Tr. No. 57-7, November 1957. 

Halbronn, G. “Comments on the Theory of Austausch Applied to the 
Transportation of Material in Suspension” (Remarque Sur La Theorie De 
L’ “Austausch” Appliquee au Transport Des Materiaux En Suspension). 
International Association for Hydraulic Structures Research, Third Meet- 
ing, Grenoble, Proceedings, September 1949. Tr. by D. J. Hebert, USBR 


Tr. No. 239. 

Kinne, E. “Hydraulic Losses in Branching Pipes” (Beitrage zur Kenntnis 
der hydraulischen Verluste in Abzweigstucken). Mitteilungen des Hy- 
draulischen Instituts der Technischen Hochschule, Munchen, Vol. 4, pp. 
70-93, 1934. USBR Tr. No. 323, March 1955. 


25. 


26. 


27. 


28. 


29. 


30. 


31. 


32. 


33. 


34. 


August, 1959 HY 


Kurihara, Michinori. “Pneumatic Breakwater.” 1st, 2d, and 3d Con- 
ferences on Coastal Engineering in Japan, 1954, 1955, and 1956, Procee 
ings, No. 104, Issues 4-6, 1958. Tr. by K. Horikawa, 1958. 


Laval, D. “Siltation in Coastal Waters, in Estuaries, in Channels, in 
Tidal Basins, in Enclosed Docks, and in Maritime Canals” (Atterrisse- 
ments en mer, dans les estuaires, dans les chenaux, dans les bassins a 
marée, dans les bassins 4 flot et dans les canaux maritimes). Nineteen 
International Navigation Congress, Ocean Navigation, Section I, Commu 
cation 3, pp. 65-80, 1957. Tr. by J. C. Van Tienhoven. WES Tr. No. 58 
4, December 1958. 


Miche. R. “Wave Attenuation in Shallow Water” (Amortissement des 
houles dans le domaine de ]’eau peu profonde). La Houille Blanche, Vol 
11, No. 5, pp. 726-745, November 1956. Tr. by J. C. Van Tienhoven. 
WES Tr. No. 58-3, April 1958. 


Mongiardini, V. “Experimental Researches Concerning the Outflow fro 
Constrictions Formed by Diaphragms Placed in Conduits, with Particul: 
Reference to Control Gates in Outlet Tunnels, Part I” (Ricerche speri- 
mentali sull’ efflusso da strozzature per diagramma nelle condotte, con 
particulare referimento alle valvole di chiusura nelle galerie). L’Ener; 
Elettrica, Vol. 31, No. 3, pp. 170-188, March 1954. Tr. by J. C. Van 
Tienhoven. WES Tr., undated. 


Payan, J. P. “Power Development of the Upper Isére River—The Les 
Bréviéres Project and the Tignes Dam” (Aménagement de la Haute Isér 
—La Chute Des Brévieres et le barrage de Tignes). La Technique des 
Travaux, Vol. 29, No. 7-8, pp. 237-256, July-August 1953; No. 9-10, pp. 
309-319, September-October 1953. Tr. by J. C. Van Tienhoven. WES 7 
No. 54-8, August 1954. 


Petersohn, E. G. M. “Consideration of Flow Separation in Determining 
the Resistance by Means of Model Tests” (Berucksichtigung der Ablosu 
bei Widerstandsbestimmungen durch Modellversuche). Schiffstechnik, 
Vol. 4, No. 20, 1957. Tr. by E. N. La Bouvie. DTMB Tr. No. 278, 
November 1958. 


Poggi, B. “Cascade Spillways of Weirs, Design Criteria and Experi- 

mental Results” (Lo scaricatore a scala di stramazzi, criteri di calcok 
e rilievi sperimentali). L’Energia Elettrica, Vol. 33, No. 1, pp. 33-40, 
January 1956. Tr. by J. C. Van Tienhoven. WES Tr. No. 57-5, July 19! 


Poggi, B. “High Velocity Flow in Curved Channels”(Correnti veloci ne 


canali in curva). L’Energia Elettrica, Vol. 33, No. 5, pp. 465-475, May 
1956. Tr. by J. C. Van Tienhoven. WES Tr. No. 57-3, March 1957. 


Prandtl, L. and Schlichting, H. “The Resistance Law for Rough Plates’ 
(Das Widerstandsgesetz rauher Platten). Werft-Reederei-Hafen, Vol. 1 


No. 1, p. 15, January 1934. Tr. by P. 8. Granville. DTMB Tr. No. 258 
September 1955. 3 


Raynaud, J. P. “Pseudo-Plastic Transportation of Material” (Charriag 
Pseudo-Plastique). International Association for Hydraulic Structures 


Research, Third Meeting, Grenoble, Proceedings, September 1949. Tr 
by D. J. Hebert. USBR Tr. No. 229. 
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- Rodrigues, Perez, F. “Siltation in Coastal Waters, in Estuaries, in 


Channels, in Tidal Basins, in Enclosed Docks, and in Maritime Canals” 
(Atterrissements en mer, dans les estuaires, dans les chenaux, dans les 
bassins a maree, dans les bassins 2 flot et dans les canaux maritimes). 
Nineteenth International Navigation Congress, Ocean Navigation, Section 
i, Communication 3, pp. 33-42, London, 1957. Tr. by J. C. Van 
Tienhoven. WES Tr. No. 58-1, January 1958. 


Rodriguez Perez, F. and Trueba Gomez, A. “Penetration of Salt Water 
in Tidal Rivers and Their Tributaries, in Maritime Canals and in Ports” 
(Penetration des eaux salees dans les fleuves a maree et leurs affleuents, 
dans les canaux maritimes et les ports). Eighteenth International Navi- 
gation Congress, Rome, Section Il, Ocean Navigation, Communication 3, 
1953. Tr. by D. J. Hebert. USBR Tr. No. 329, March 1956. 


Rotta, J. “Contribution to the Calculation of Turbulent Boundary Layers” 
(Beitrag zur Berechnung der turbulenten Grenzschichten). Max-Planch- 
Institut dur Stromungsforschung, July 1950. Tr. by E. N. La Bouvie. 
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OPERATION OF SPILLWAYS IN NORTHWEST PROJECTS2 


R. B. Cochrane,! M. ASCE 


SYNOPSIS 


Experience has demonstrated that large tainter gates have many advantages 
ver the vertical-lift type of gates for spillways on the Columbia River multi- 
urpose dams, based on operation of Bonneville-, The Dalles-, McNary-, and 
‘hief Joseph Dams. Operation experience has also shown that stilling basins 
f such spillways, which are subject to year around use, should be designed 
ith ample proportions to permit latitude in operation procedures and to mini- 
1ize maintenance costs. Difficulties with erosion in concrete high-head con- 
uits in spillways point to the desirability of steel lining such conduits. Chute- 
ip type of spillways are being advantageously utilized in narrow valley 
rojects where the use is infrequent and the design capacity is not large. 


INTRODUCTION 


The Columbia River has its source in the Rocky Mountains in Canada, and 
iter flowing some 460 miles enters the United States in the northeastern 
orner of the State of Washington. It crosses the State in a southerly di- 
ction to the mouth of its largest tributary, the Snake River, near Pasco, 
en turns westerly, forming the boundary between the States of Oregon and 
ashington. At Portland, Oregon another large tributary, the Willamette 
iver, joins the Columbia. The Columbia River empties into the Pacific 
cean some 100 miles downstream from Portland. It has a total length of 
210 miles and a drainage area of 259,000 square miles. Within the limits of 
e United States the river has a drop of about 1.7 feet per mile. At Bonneville 
am, the farthest downstream of the Columbia River dams, the mean flow of 


te: Discussion open until January 1, 1959. To extend the closing date one month, a 
written request must be filed with the Executive Secretary, ASCE. Paper 2127 is 
part of the copyrighted Journal of the Hydraulics Division, Proceedings of the 
American Society of Civil Engineers, Vol. 85, No. HY 8, August, 1959. 

Presented at the October 1958 ASCE Convention in New York. N. Y. 
Chf., Multipurpose Project Branch, Operations Div.. Portland Dist., Corps 


of Engrs., Portland, Ore. 
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the river is about 200,000 c.f.s., and the average annual spring flood flow from 
melting snows near the headwaters is approximately 585,000 c.f.s. The maxi- 
mum flood of record was 1,170,000 c.f.s. in 1894; the largest flood since the 
construction of the Dam was 1,020,000 c.f.s. in June 1948. Low flows of 
60,000 c.f.s. to 100,000 c.f.s. occur in the winter months and are often ac- 
companied by floating ice. 

Within the Columbia River Basin, the Corps of Engineers, Bureau of Recla- 
mation and private interests have constructed many dams, a number are now 
under construction, and still others are in the planning stage. (See Fig. 1). 
The Corps of Engineers operates four of the six dams now in operation on the 
main stem of the Columbia, namely, Bonneville Dam, The Dalles Dam, McNar 
' Dam and Chief Joseph Dam. These are multipurpose dams involving power, 
navigation, and fish passage facilities. Two of these four dams have vertical- 
lift type of spillway gates; the other two have tainter gates in their spillways— 
thus giving a good basis for comparison. On the tributary Willamette River, 
the Corps of Engineers has two high-head multipurpose projects in operation, 
namely, Detroit Dam with its reregulating Big Cliff Dam, and Lookout Point 
Dam with its reregulating Dexter Dam. These dams are primarily for flood 
control, but also have power as a secondary benefit. They both have tainter 
gate spillways and valve controlled conduits which are used for release of 
flood waters. The bulk of the operational data upon which this paper is based 
was obtained from the four Columbia River projects and the two Willamette 
River projects mentioned above. Bonneville Dam, having been in operation 
for the longest period of time offers the best opportunity to study spillway 
operations. Hydraulic model studies were made of various features of 
McNary-, Chief Joseph-, The Dalles-, and Lookout Point Dams, as well as 
the Detroit conduits, at the Bonneville Hydraulic Laboratory; model studies 
were made of the Detroit Spillway at the Waterways Experiment Station at 
Vicksburg, and Bonneville model studies were conducted at the Linton Hy- 
draulic Laboratory. 


Bonneville Dam 


Bonneville Dam is located on the Columbia River approximately 40 miles 
east of Portland, Oregon and some 140 miles above the mouth of the river. It 
consists of a spillway dam, powerhouse with 10 units aggregating 518,400 KW, 
a navigation lock and fishways. The project was constructed in the period 
1933 - 1943 at a cost of about $87,000,000. It was designed and constructed ; 
and is being operated and maintained under the supervision of the Corps of ‘ 
Engineers. The operating head at the dam is 26 to 62 feet. The Columbia J 
River at Bonneville is split by an island, and the spillway is on the right side 
of this island. The spillway is a concrete gravity structure some 1450 feet 
overall length, with an ogee spillway crest at elevation 24,* surmounted by 3 
eighteen 50-foot wide vertical lift gates. (See Fig. 2). The normal pool ele- 
vation is 72 and this elevation is maintained for all river flows up to 260,000 
c.f.s. During the flood season, the pool is raised from 72.0 to 82.5 so as to q 
maintain the rated 50-foot head on the powerhouse turbines. The spillway is. 
designed for a free overflow discharge of 1,600,000 c.f.s. at a pool elevation 
of 82.5. The tailwater elevations at the spillway range from 8 at low flows 


*All elevations are in feet above mean sea level. 
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about 40 at normal high water, with 56 having been attained in the 1948 flood. 
(See Fig. 3). 

The spillway gates are constructed of riveted structural steel with roller- 
bearing wheels as shown in Fig. 4. They are in two sections with special lift- 
ing and latching mechanisms so that either half or the complete gate may be 
moved at one time. Normally the gate is in the downstream gate slot and the 
two gate sections are joined into a single gate unit, with flow passing beneath 
the bottom section of the gate. No provisions were made in the design to pass 
flow between the two gate sections. The gate latches or “dogs” in the piers 
support the gate at various gate openings by engaging “ladder” supports on the 
ends of the gates. These supports are at 23-inch intervals except for the first 
few openings. Raising and lowering of the spillway gates in the slots in the 
piers is by means of one of two 350-ton gantry cranes which travel along the 
deck of the spillway dam. These gantries are relatively slow with a gate rais- 
ing and lowering speed of 2 feet per minute. On the average it takes about 
25 minutes for a crane to unlatch from one gate, raise the lifting beam to deck 
level, move to another gate bay, lower the lifting beam, engage another gate 
and adjust that gate. 

The spillway gates of the 3 bays at each end of the spillway are 60 feet in 
height, with top and bottom sections each 30 feet high. The gate can thus be 
closed or slightly opened and the top of the gate will still be above the maxi- 
mum pool of 82.5. Usually a small gate opening is required in these end bays 
to counteract the eddy action along the river bank below the spillway, and 
create an attraction flow for the fish ladder entrances at either end of the 
spillway. This method of operation results in the bottoms of these gates being 
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Fig. 3. Bonneville Spillway in Operation—1948 Flood — 
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submerged during high water when the tailwater exceeds 24. Larger gate 
openings to avoid such submergence are not desirable, since the resulting in- 
creased gate discharges would interfere with the proper functioning of the 
fishladders, and tend to accelerate downstream bank erosion. 

The spillway gates in the 12 center bays of the 18-bay spillway dam are 
only 50 feet in height, with a 20-foot bottom section and a 30-foot top section. 
The river flow, tailwater elevations, discharge capacity of the gates and the 
raising of the pool are so interrelated, that these twelve gates must be raised 
by an amount equivalent to the rise in tailwater, with the tops of the gates just 
above pool level, and the bottoms of the gates at about tailwater elevation. 
Hence, the bottoms of these 12 center gates are seldom submerged by tail- 
water. Considerable operational agility is required in juggling these 12 gates 
to the more open positions as the pool is raised from 72 to 82.5. If the gates 
are not open enough, the pool rises and flows over the tops of the gates; if the 
gates are open too much, the pool falls below the scheduled elevation. With 
the latching or dogging arrangement on these gates, the minimum change in 
gate opening on one gate is 23 inches or one “dog” or about 3400 c.f.s. This 
will change the pool level some .07 feet in one hour. Rapidly changing river 
flows, varying powerhouse load, and desire to keep the gate openings uniform 
to better distribute the flow in the stilling basin create an operational 
problem. If the twelve 50-foot gates had been constructed at a 60-foot height 
like the end bays, the complications of overtopping the gates would not exist 
since a gate could then be closed even at a high pool if desired. At present 
there is no way of closing a 50-foot gate during the higher pool except to 
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Fig. 4. Bonneville Spillway Gate 
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dlace the 60-foot spare gate in the upstream slot which is a two hour job even 
with 2 cranes. 


spillway Gate Slots at Bonneville Dam 


The spillway gate slots at Bonneville Dam are some 7 feet wide and 2 feet 
jeep. The pier wall downstream from the slot is in line with the wall up- 
stream from the slot and no setback, taper or bevel exists. The 4-inch round- 
ed corners of the slot are armored with steel. The thrust of the gate through 
the wheels is taken on the bearing plate embedded in the downstream end of 
the slot. The “jay” rubber side seal is at the upstream edge of the gate. 

Soon after the spillway was put into operation it was noticed that the 
concrete at the base of the piers and just downstream from the gate slot was 
eroded. The jet of water issuing from beneath the gate impinged on the down- 
stream side of the gate slot and was diverted around the armored corner, but 
failed to adhere to the concrete pier wall downstream therefrom. This created 
cavitation in this area and the erosion of the concrete as shown in Fig. 5. 
After each high water these eroded areas were patched with various types of 
concrete and admixtures, but none were successful in withstanding the attack. 
Accordingly in 1941, steel armor plates 1/2-inch thick and 5 feet wide were 
installed on the pier walls and welded to the corner armor. A 2-foot width 
plate was also installed on the horizontal ogee surface adjacent to the wall. 
These armor plates were attached to the concrete with anchor bolts but the 
thin plate prevented high pressure grouting. As a result these plates were 
torn off by the water flow and had to be replaced in 1945 with one-inch steel 
armor plate which could be successfully anchored and grouted in place. 
Generally these one-inch plates have withstood the cavitation attack during 
the succeeding years, but small amounts of patching are still periodically re- 
quired along the edge of the plate on the ogee section where it joins the 
concrete. Thought has been given to increasing the width of the ogee armor 
slate and sawing the concrete to avoid patching along the edge of the installed 
late, but difficulties in matching curvature of the plate and the concrete make 
this procedure inadvisable. It is generally concluded that the minor extent of 
patching now required does not warrant too much expense in making perma- 
nent repairs. 


spillway Gate Bottom Failures 


The bottom rubber seal of the Bonneville spillway gate is at the upstream 
1/3 point of the gate width and the “V” shape of the bottom is rather wide with 
he bottom plates about 16 degrees with the horizontal. During the flood of 
1943, the Bonneville pool was maintained at 82.5 for some 47 days with a peak 
river flow of 540,000 c.f.s. Tailwater was some 12 feet above the spillway 
srest elevation. During this period the 50-foot gates in the center of the spill- 
way were open some 16 feet and hence the bottoms of these gates were not : 
submerged. Four of the 60-foot gates in the end bays, however, were operated 
with small gate openings, and the bottoms of these gates were submerged by 
failwater. During this time it was noted that these 60-foot gates vibrated and 
ounced noticeably—as much as 1/8 inch. When the gate was supported by the 
yantry cables, the cables became alternately slack and taut. No damage to the 
sate was noted at this time. During the following year vibration and bouncing 
of these slightly opened end gates were again discernable. Inspection after 
he flood receded showed that four of the gates had been damaged to some 
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extent and one gate was severely damaged as may be seen in Fig. 6. The steel 
fairwater or skin plate forming the bottom of the gate downstream from the 
rubber seal had been ripped off entirely, and most of the bottom horizontal 
girder (consisting of 1/2 inch web, two 6 x 6 x 13/16 inch flange angles, and 
the 3/4 x 11 inch cover plate) had been torn out. These gates were repaired 
and heavier fairwater plates and stiffeners were installed to give the gate 
bottoms more rigidity. During the following flood one of the repaired gates 
was again damaged under similar operating conditions and was repaired a 
second time. 

In 1946 and 1947 attempts were made to aerate the bottom of the gate down- 
stream from the seal. The later tests even included the generous perforation 
of the fairwater plate and the installation of fifteen 8-inch to 12-inch vent 
pipes extending from the pocket below the lower girder up to atmosphere. 

The fairwater plate downstream from the seal was even removed entirely. 
During these experiments water would spurt up one vent pipe to a height of 30 
feet, and some 3 feet away, air would be whistling down the vent pipe to re- 
lieve negative pressures. Perhaps in the next few seconds the situation would 
reverse. These vents were obviously unsuccessful in aerating the gate bottom, 
and gate vibration and bouncing prevailed. 

Along with these vent pipe installations, five electric pressure cells, oper- 
ating in conjunction with a 12-channel recording oscillograph, were installed 
on the centerline of one of the gate bottoms and 3 pressure cells were in- 
stalled at each quarter point. At various tailwater elevations, pool elevations, 
and gate openings the instantaneous pressures on the 11 pressure cells were 
recorded simultaneously. Considerable difficulty was encountered in getting 
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Fig. 6. Bonneville Spillway Gate Damage 1945 
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the pressure cells to function properly and the results were questioned in 
many cases due to improper action of the cells, but an overall picture of the 
complex pressure conditions on the bottoms of the gates was obtained from 
these tests. It was evident that pressures against the bottom of the gate up- 
stream from the seal rapidly varied from positive to negative as the flow con- 
trol shifted from the gate seal to the upper edge of the gate bottom as the gate 
opening approached some 3 feet. Alternate subjection of the gate to uplift and 
then down-pull as the jet sprang from one point to the other was believed to 
account for the gate vibration and bouncing. Also the fairwater plate area 
downstream from the seal had a high rate of pressure reversals, which varied 
from positive pressures at smaller gate openings to vapor pressure at larger 
openings. At a given gate opening, pressures at any one point were extremely 
variable with 75 reversals per second not uncommon. Comparison of con- 
ditions at the centerline of the gate with those at the quarter points showed no 
relationship. Negative pressures could exist at a centerline cell and positive 
pressures exist at the same time at a corresponding cell at the quarter-point 
or the reverse could hold true. Such erratic behavior was attributed to the 
alternate formation and collapse of vapor pockets between the submerged 
bottom of the gate and the water jet, modified by erratic effect of vortex action 
beneath the gate bottom and wave action against the downstream side of the 
gate. 

Although no quantitative conclusions could be made from these tests, it 
was qualitatively determined that gate vibration occurred only when the gate 
bottoms were submerged, and the intensity of the vibration of the submerged 
gate bottoms was most severe at about a 3-foot gate opening. Fig. 7 depicts 
the relative intensity of vibration at various gate openings and tailwater ele- 
vations. This chart is now used by the operators to avoid gate settings which 
will give even moderate vibration. As a result no further gate damage has 
occurred. It has been concluded that it would take a major modification of the 
gate to eliminate the difficulty. It is considered cheaper to operate in such a 
manner as to avoid the conditions which sets up the trouble. 


Stilling Basin Erosion 


A number of papers and articles have been written in the past regarding 
the erosion of the stilling basin of the Bonneville spillway and the repairs 
which were made in 1955, and it is not intended to cover the details of this 
phase of the spillway operations in this paper. Fig. 2 shows a cross section 
of the stilling basin as constructed with a 63-foot long baffle deck at elevation 
-16 and 2 rows of trapezoidal shaped 6 x 6 foot baffles spaced 6 feet apart. 

By modern design standards this stilling basin is too short. Underwater sur- 
veys made in 1939, showed that erosion of the baffles and deck had developed 
even at this early stage. Model tests made at the Carnegie Institute of Tech- 
nology in 1941 - 1942 indicated that the spillway gate openings should be kept 
as uniform as possible to avoid cavitational negative pressures on the baffles. 
Additional underwater surveys made in subsequent years showed continued 
deterioration of the baffles. Repairs to a few baffles in 1940 - 1941, modifi- — 
cation in baffle shape as recommended by the Carnegie Institute of Technology 
tests, and even armoring the baffles with 3/8 inch steel plate proved to no 
avail. In 1954 model studies were made at the Bonneville Hydraulic Labora- — 
tory which demonstrated that stilling basin conditions and undermining of the 
apron downstream would become much worse if the baffles were allowed to 
deteriorate. Accordingly, the south half of the basin was unwatered in 1954 - 
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1955 and both baffles and deck were repaired. Based on Bonneville Hydraulic 
Laboratory tests the upstream row of baffles was streamlined, the down- 
stream row of baffles was converted into a solid sill, and the deck level was 
raised one foot. The north half of the stilling basin has not yet been repaired. 
Even with this repair, however, care must be taken to keep the spillway 
gate openings more or less uniform in order to distribute the energy evenly 
across the width of the stilling basin and prevent baffle cavitation. Critical 
gate openings have been established by model studies for various pools and 
tailwater elevations as shown in Fig. 8. Operation with gate openings greater 
than shown will more than likely produce baffle damage. The solid lines on 
this chart pertain to the original stilling basin which still exists in the north 
half of the basin; the dashed lines are for the revised basin on the south half. 
It will be noted that more leeway is permitted in the latter case. However, 
this places another restriction on the procedures which may be employed in 
operating the spillway. For a given pool and tailwater condition, the gates can 
neither be opened too much for fear of damaging the baffles (Fig. 8) nor too 
little for fear of damaging the gates (Fig. 7). In addition, the distribution of 
flow into the stilling basin must not interfere with the attraction flows to the 
fish ladders nor cause bank erosion downstream. Hence the operation of 
Bonneville spillway to maintain a given pool level is rather complicated. 


Miscellaneous Operational Difficulties 


The spillway gate wheels are designed to take uniform loading. They are 
mounted on the gate sections with heavy springs to take up any unevenness in 
the steel bearing plate in the slot. However, the rigid gate section does not 
permit too much flexibility and any one wheel can be stressed heavily if the 
bearing plate is only slightly uneven. Difficulty has been encountered with the 
roller bearings on the spillway gates at Bonneville Dam, particularly with the 
lower wheels on the bottom sections of the gates. The trouble was attributed 
to one of three causes: the shock transmitted to the wheel when pounding 
waves from the stilling basin struck the downstream side of the gate during 
high tailwater, bumping the lower wheel against the gate slot when introducing 
the gate into the slot with the gantry, or inadequate lubrication of the bearings 
under water. -The roller bearings are barrel shaped, of special steel, and 
quite expensive. Cracked or shattered bearings were continuously having to 
be replaced. The problem is still current to some extent, but with care in 
operation, close maintenance, use of special water resistant greases, instal- 
lation of grease line extensions to permit underwater lubrication, and an im- 
proved seal ring, the frequency of failures has diminished. The difficulty is 
somewhat inherent with this type of spillway gate, however, and it is doubted 
if it will ever be eliminated entirely. 

Whenever a load rejection occurs at the powerhouse due to trouble on the 
transmission lines or other causes, the turbines are automatically shut down 
and a wave, sometimes 4 to 5 feet in height, travels up the pool and causes 
water to spill over the tops of the spillway gates. If the turbine flow is shut 
off for any length of time, the spillway gates must be opened to pass the P 
equivalent amount of water. Closing down of 4 of the 10 powerhouse turbines’ 
for instance will cause the pool to rise 0.2 ft. per hour. The 2 gantries could 
each open one gate about 14’ feet in a short time to take care of the situation, 
but from Fig. 8 it will be noted that this would cause cavitation at the baffles 
of the stilling basin if the tailwater was less than some 22 feet (240,000 c.f.s.). 
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Distribution of the outflow over a number of gates requires considerable time 
as pointed out previously, and the amount of freeboard and rate of pool rise 
may not allow adequate time for the operation. Therefore the usual procedur: 
is to do nothing at the spillway to compensate for a load rejection at the powe: 
house unless it becomes obvious that the outage will be extensive. If this is 
the case the distribution of flow over the spillway width is made as nearly 
uniform as time permits. 


McNary Dam 


McNary Dam is a multiple purpose project located on the Columbia River 
just upstream from Umatilla, Oregon and some 292 miles upstream from the 
mouth. It was the second dam built by the Corps of Engineers on the Columbi 
River. The overall length of the dam is 7300 feet, and it includes a concrete 
gravity spillway, a powerhouse with fourteen 70,000 KW units, a navigation 
lock and 2 fish-ladders. The total project cost is estimated to be $286,000,00 
and it was put into operation in 1953. The normal pool is at elevation 340. A 
drawdown of 5 feet is made for power peaking purposes during low water whe 
necessary. The maximum head at the dam during low water is 92 feet. 


Spillway 


The 1310-foot spillway, located at the north end of the dam, has 22 bays 
with split vertical-lift gates 50 feet wide by some 52 feet high. The spillway 
ogee crest is at elevation 291. The 10-foot width piers support the roadway 
deck and the two 200-ton gantries. The spillway is designed to pass 2,200,006 
c.f.s. at a pool level of 356.5 and 1,368,000 c.f.s. at normal pool level. The 
stilling basin is 248 feet long and has 2 rows of baffles 10 feet wide by 10.5 
feet high and a 10-1/2-foot end sill. Tailwater varies from 248 at low water 
to some 273 at ordinary high water and 303 at design flood conditions. It 
should be pointed out that the crest of the spillway is above tailwater for all 
conditions where the spillway gates are used. In fact a tailwater of 291 is not 
reached until a river flow of some 1,368,000 c.f.s. prevails at which time all 
spillway gates are up and free flow exists over the spillway crest. This ar- 
rangement precludes any damage to the gate bottoms such as occurred at 
Bonneville Dam. 

Hydraulically the McNary spillway functions quite satisfactorily. The flov 
conditions are similar to those predicted by the model studies and no diffi- 
culties of any consequence have developed thus far. 


Spillway Gates 


The spillway gates are in 2 sections with the bottom section some 24-1/2 
feet in height. They are so designed as to pass flow between the two sections 
During low water conditions of course all flow passes through the powerhous 
As the river discharge increases the spillway comes into use, and flow is 
passed between the two sections of the spillway gate with the bottom section 
on seal. The jet issuing between the gates in this manner is activated by a 
head of only about 27 feet which is not sufficient to create any acute vibratior 
problems. Vents in the spillway piers aerate the underside of the nappe whe! 
the spillway is operating in this manner. As the spillway flow further increa 
es, the two gate sections are joined and the spillway flow is passed beneath 
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the combined gate sections at the higher head of 50 feet similarly as done at 
Bonneville Dam. (See Fig. 10.) However, the duration of time that this latter 
method of operation is used is comparatively small. With some 200,000 c.f.s. 
going through the powerhouse and some 400,000 c.f.s. capable of being passed 
over the lower gate section, the undergate method of passing flow is not neces- 
Sary except for approximately two to three per cent of the time. This ar- 
rangement has a distinct advantage over the Bonneville spillway gate where 
flow must be passed beneath the gates about 60% of the time. 

The lower section of the spillway gates at McNary Dam is articulated in 
such a manner as to permit flexibility in transmitting the gate thrust to the 
wheels. The section is in three panels each with two wheels on a side to sup- 
port the thrust. Thus, any unevenness in the wheel track can be followed by 
the wheels with no change in load. This is an improvement over the rigid 
section as used at Bonneville Dam, and contributes to less maintenance of the 
wheel bearings. 


Spillway Gate Slot 


Based on the difficulties experienced at Bonneville Dam, the gate slot at 
the McNary spillway was made as narrow as possible and the downstream 
corner was beveled to eliminate gate slot damage. The width of only 2-1/3 
feet versus the 7-foot width at Bonneville offers less opportunity for the jet | 
to spread and strike the downstream end of the slot. The bevel, consisting of 
a 10-foot radius over a 3-foot length set the downstream corner of the slot 
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Fig. 9. McNary Spillway—Split gate flow 
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back by almost 4 inches. These improvements apparently are fairly success- 
ful since operation of the spillway to date has shown only a small amount of 
pitting on the ogee section near the corner of the gates. 


Stilling Basin 


With the stilling basin designed for a hydraulic jump at the maximum flood 
of 2,200,000 c.f.s., there has been no difficulty with its operation at the normal 
floods which have been experienced since the project was put into operation. 
As a matter of fact, with its ample length and depth and stream-lined baffles, 
no difficulty is anticipated. 


Load Rejection 


Unlike Bonneville Dam which has a relatively narrow pool upstream from 
the dam, a load rejection of all 14 power units at McNary Dam only causes a 
wave of some 6 inches due to the wide pool upstream from the dam. Further- 
more the area of pool is about twice that of Bonneville Dam and hence im- 
poundage of the same amount of flow at McNary Dam causes the pool to rise 
only half as fast. This is a distinct advantage in spillway operation since the 
gantry cranes have twice the time to correct the spillway gate openings if the 
powerhouse outage is prolonged. 


Fig. 10. Under-gate flow at McNary Spillway 
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Chief Joseph Dam 


Chief Joseph Dam is located on the Columbia River near Bridgeport, 
Washington, approximately 51 miles downstream from Grand Coulee Dam and 
546 miles above the mouth of the river. It is the third Corps of Engineers 
dam to be built on the main stem of the Columbia River. The total cost is 
estimated at $160,000,000. The construction of the dam, including the spill- 
Way, was completed in 1955 and the installation of the initial sixteen 64,000 
KW powerhouse units is to be completed this year. The dam is multipurpose 
with power as its chief direct benefit. The principal features of the dam are 
a 922-foot concrete gravity spillway, an intake structure for the ultimate 27 
powerhouse units, and the powerhouse for the initial 16 units. The maximum 
design flood is 1,250,000 c.f.s., the maximum flood of record is 740,000 c.f.s., 
and the normal flood each year is about 300,000 to 400,000 c.f.s. Normal low 
water flow is about 50,000 c.f.s. The head at the dam is about 165 feet. 


Spillway and Gates 


The height of the spillway from the crest elevation of 901.5 to the floor of 
the stilling basin is 158.5 feet. Atop the crest of the spillway are nineteen 
42-foot-radius tainter gates 40 feet wide and 49 feet high. These gates are 
operated by individual gate hoists through a sprocket and chain arrangement. 
The trunnions and the bottoms of the gates, when wide open, are clear of the 
maximum flow nappe. Normal pool is at 937.5, maximum pool is at 955 with 
the design discharge and free flow over the spillway crest. Fig. 11 shows the 
spillway in operation. 


‘Fig. 11. Chief Joseph Spillway in Operation 
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Operation experience at the spillway to date has been very limited since it 
has only been in use some 3 years. However no major difficulties have de- 
veloped so far. Flow conditions in the spillway are in line with model study 
results. The gates are simple to operate by individual push-button controls 
and have limit switches at gate-opening intervals to prevent the gate from be- 
ing accidently opened too far. The ease with which these spillway gates can 
be handled has led to the decision to install necessary equipment to operate 
them by remote control from the powerhouse control room. Heaters have 
been provided in the gates to offset icing, but to date no appreciable ice con- 
ditions have occurred which would require their extensive use. Debris can 
readily be passed beneath any of the gates and this offers no problem. The 
absence of gate slots eliminates gate-slot trouble. Maintenance on these 
tainter gates is minor and operation manpower is limited to a maximum of 
one man. All in all the operation of these spillway gates at Chief Joseph Dam 
is simplicity itself in comparison to the spillway gate operation at Bonneville 
Dam. 


Stilling Basin 


The stilling basin at the Chief Joseph spillway is 167 feet long. A single 
row of streamlined “Bluestone” baffle piers 11 feet high, 13-1/4 feet wide an 
22 feet long is located on the 743 deck some 58 feet upstream from the lower 
end of the basin. A stepped 11-foot high end sill is located at the downstream 
end of the stilling basin. (See Fig. 12). Satisfactory hydraulic jump conditior 
have prevailed with all flows passed through the spillway to date, but an unde 
water survey of the basin in 1957 revealed some erosion of the baffles and 
deck of the stilling basin. 


The Dalles Dam 


The Dalles Dam is located on the Columbia River near the City of The 
Dalles, Oregon, some 192 miles upstream from the mouth of the river and » 
about 47 miles upstream from Bonneville Dam. It is the fourth dam to be cor 
structed by the Corps of Engineers on the Columbia River. The dam is 
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Figure 12 
Spillway Cross Section at Chief Joseph Dam 
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8700 feet long, will cost $250,000,000 and consists of a single-lift barge lock, 
a 23-bay spillway, a powerhouse with fourteen 78,000 KW units initial instal- 
lation (22 units ultimately), a rock-fill closure dam and fish passage facilities 
including 2 fishladders. The project was designed for a maximum flood of 
2,290,000 c.f.s.; the flood of record at this site was 1,240,000 c.f.s.; normal 
high water is about 575,000 c.f.s.; and low water flow ranges from 50,000 to 
100,000 c.f.s. Normal pool is at elevation 160 with provisions for a 5-foot 
drawdown for power peaking purposes. Normal head at the dam is 87.5 feet. 
Construction of the dam was started in 1952, closure of the dam was ac- 
aa in 1957 and all 14 initial powerhouse units will be installed by 
960. 


Spillway and Gates 


The 1370 foot spillway at The Dalles Dam is shown in operation in Fig. 13 
during the fall of 1957. The crest of the spillway is at elevation 121. The 
spillway is designed to pass a design flood of 2,290,000 c.f.s. at a pool of 
182.3 and a project flood of record (regulated) at normal pool of 160 with all 
23 spillway gates open. The spillway tainter gates are 50 feet wide and 41 
feet high and supported by 4 cables on each corner. Each gate has its indi- 
vidual gate hoist which raises or lowers the gate at a speed of about 1 foot per 
minute. Limit switches stop the gate movement at one foot intervals after 
each “push button” start. Under ordinary flow conditions, all gates can be 
closed to seal in about 10 minutes if necessary. The height of the spillway 
gates was dictated by the depth to which downstream-bound fingerling salmon 
could be submerged and then released to atmosphere pressures as they passed 
beneath the gate. After the 14 powerhouse units are in operation in 1960, all 
flows of about 200,000 c.f.s. and less will be passed through the powerhouse. 
This will reduce the time in which the spillway will be in operation to about 
4 months per year, rather than 100 per cent of the time as at present. 

Operation experience with The Dalles spillway gates has to date been en- 
tirely satisfactory. There was a little difficulty initially in getting a balanced 
load on the cables supporting the gates, but once this was adjusted, the gate 
operating machinery and supporting cables have functioned without mishap. 
There has been no ice to date but heaters have been provided for this con- 
dition when it occurs. Debris has been no problem. Some freezing of the 
spray has given slight inconvenience but nothing more. The gates can be ad- 
justed easily with the aid of gate opening indicators and revolution counters 
on the gate actuating shafts, and pool levels are easily maintained to 0.1 foot 


of the desired level. The hydraulic conditions appear to be in accordance with 


model study predictions. Again, as at Chief Joseph Dam, the absence of gate 
slots and non-submergence of the gate bottoms at high water as occur at 
Bonneville Dam has made The Dalles spillway operation and maintenance 


relatively simple. 


Stilling Basin 


The Dalles stilling basin is 170 feet long, and has one row of 9-foot “Blue- 
_stone”-type baffles backed up by a 13-foot vertical end sill. (See Fig. 14). 
‘This relatively high end sill was primarily to reduce rock excavation on the 
‘apron downstream from the stilling basin. Although The Dalles Dam is at the 
‘head waters of the Bonneville Dam pool and The Dalles tailwater is basically 
“affected thereby, the relatively high end sill and apron of The Dalles stilling 
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basin create a control on The Dalles stilling basin outflow at flows of less 
than 400,000 c.f.s. The stilling basin is designed to create a hydraulic jump 
for all discharges up to the flood of 2,290,000 c.f.s. However, the criteria 
was adopted in the design of the stilling basin that no greater depth or length 
would be provided than was absolutely necessary to give a jump in the stilling 
basin with even distribution of flow across the width of the stilling basin. No 
allowance was made for possible uneven distribution. This was further re- 
stricted by the fact that only 20 of the 23 bays would be available for flow 
passage up to river flows of 800,000 c.f.s. since 2 bays on one end and one bay 
on the other end would be restricted to small outflows for fish attraction pur- 
poses at those lower flows. The stilling basin as constructed is therefore 
rather critical, and little leeway is afforded in its operation. With the rather 
restrictive stilling basin considerable care must be taken to keep the spillway 
gates at uniform opening. This is not too difficult with the easily manipulated 
tainter gates on the spillway, but it creates difficulties when gates are taken 
out for maintenance or it is necessary to open up one or two gates for debris 
passage. 

Another situation which places restrictions on the method of spillway gate 
operation, is the fact that at high water the high velocities and wave action 
created in the stilling basin carry on across the stilling basin apron and the 
shallow reefs downstream from the spillway, and attack the piers of the bridgs 
located some 2000 feet below. This same wave action also attacks the gravel 
guide wall fill downstream from the navigation lock. This demands again that 
the spillway gate openings be as uniform as possible. There has been no at- 
tempt to measure the prototype velocities across the rock apron downstream 
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Fig. 13. The Dalles Spillway in operation—1957 
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from the stilling basin, but they are relatively high and may cause some 
erosion of that apron. By the summer of 1959, a sufficient number of power- 
house units will be on the line so that the spillway can be closed and an under- 
water survey made to determine the condition on this apron. 


Detroit Project 


The Detroit Project, constructed by the Corps of Engineers in 1949 - 1954 
at a cost of $63,000,000, consists of Detroit Dam and its downstream re- 
regulating Big Cliff Dam, located on the North Santiam River, a tributary of 
the Willamette River, some 45 miles east of Salem, Oregon. The primary 
purpose of the Detroit Project is flood control with power as an important 
secondary function. Detroit Dam is a 1522-foot long concrete gravity type 
structure, some 463 feet high from foundation to deck and normally operates 
with a head of from 250 to 360 feet. The pool is drawn down some 113 feet 
during the rainy winter season to provide about 300,000 acre feet of flood con- 
trol storage; during the drier summer months it is maintained at the normal 
pool elevation of 1569. The two 50,000 KW powerhouse units at Detroit Dam 
are used primarily for peak power. The average flow of the North Santiam 
River is 1764 c.f.s., the maximum flow of record is about 65,000 c.f.s., and 
the design flood is 176,000 c.f.s. The reregulating Big Cliff Dam is located 
3 miles downstream from Detroit Dam and its purpose is to impound the ir- 
regular outflow from Detroit Dam, caused by power peaking operations, and 
pass it downstream at a uniform rate. The 18,000 KW Big Cliff powerhouse 
unit is remotely controlled from the Detroit powerhouse control room. 


Spillway of Detroit Dam 


The Detroit Dam spillway is designed for 176,000 c.f.s. with all 6 spillway 
gates wide open. The crest elevation is at 1541. (See Fig. 15). The tainter 
gates atop the spillway crest are 42 feet wide and 31 feet high. Each gate is 
operated by individual gate machinery beneath the spillway deck. The gates 
are supported by cables attached to each bottom corner of the gate. 
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“Eyebrows” were constructed in the spillway chute just above the conduit 
openings to cause the spillway flow to jump across the openings and not im- 
pinge on the floors of the conduits, and these “eyebrows” function quite satis- 
factorily. The Detroit spillway has been in operation for limited periods of 
time each year since its construction (See Fig. 17), and it is not in continuous 
use over long periods of time as in the spillways of the Columbia River dams. 
To date the only problem at Detroit Dam has been the minor one of leakage 
past the rubber seals in the corners of the gates when the gates are closed. 
Hydraulically the spillway performs quite satisfactorily when in operation. 

When the Detroit spillway was initially constructed, that portion of the 
chute beneath the right spillway bay was separated from the chute below the 
other 5 bays by a concrete training wall as shown in Fig. 17. This section is 
locally called the “test chute”. Its purpose is to permit study of high velocity 
flow down high spillway chutes, particularly with regard to air entrainment 
and consequent bulking of flow. The chute was contained within parallel walls 
to prevent lateral spread of the flow as it traveled down the chute. Installed 
within one chute wall are windows for observing the cross sectional charac- 
teristics of flow in the chute. Electrodes are also installed in the floor and 
walls of the test chute to measure velocities of flow. A carriage extending 
across the chute has instrumentation for measuring water surface elevations. 
Although flow has been passed down the chute, no full scale test program has 
as yet been implemented. All facilities are on hand for making comprehensive 
tests as may be required, however. 

The stilling basin of Detroit Dam spillway is about 170 feet long, has 2 
rows of 6-foot baffle piers and a stepped end sill. The deck of the stilling 
basin is designed to create a hydraulic jump at the design discharge of 
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Detroit Spillway Cross Section 
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176,000 c.f.s. No difficulties have been encountered thus far in its operation 
either with flow over the spillway or through the conduits. 


Detroit Conduits 


There are 4 flood control conduits in the Detroit spillway—two are at the 
lower level of 1265 and two are at the upper level of 1340. All four are con- 
trolled by vertical-lift hydraulically operated slide valves 5-2/3 x 10 feet in 
size. The conduits are designed for open-channel flow downstream from the 
slide valves. The conduit height is abruptly increased from 10 feet to 16 feet 
in height after it passes the valve to prevent the conduit from flowing full. A 
2-1/2 foot diameter air vent enters the roof of the conduit at this point. The 
width of the conduit is also increased from 5-2/3 feet to 7 feet at the slide 
valve to prevent the water jet from striking the downstream side of the gate 
slot. The width of the conduit between the service valve and the emergency 
valve (8 feet upstream) was tapered by 3-1/2 inches and steel lined to prevent 
slot cavitation. No steel lining was placed downstream from the service 
valve. The maximum head on the lower-level conduits is some 304 feet; the 
head on the upper level conduits is about 230 feet. The design was based on 
use of the conduits when the pool was below the spillway crest level, but the 
conduits have been used during the higher pool levels with the spillway gates 
closed. When the conduit valves were closed, uplift pressures on the 45 de- 
gree beveled valve bottom caused it to open, and it was necessary to put 
pressure on the hydraulic oil cylinder at all times to prevent this action. 

After the Detroit conduits had been in operation a short while, it was noted 
that the concrete floor and lower portion of the side walls of the lower-level 
conduits had been eroded extensively. The concrete had been cut back some 
12 inches for a distance of 30 feet downstream from the valves, and the em- 
bedded reinforcing steel had been exposed or in some cases torn out. (See 
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Fig. 18) Some slight erosion had occurred in the upper-level conduits, but 
nothing in comparison to the lower-level conduits. The model studies of thes 
conduits had indicated no negative pressures in the eroded area and readings 
from the piezometers which had been installed in one of the prototype conduit: 
had confirmed the model data. It appeared that the damage to the concrete 
was caused initially by erosion of the comparatively weak mortar at the hori- 
zontal pour lines, followed by local cavitation after the large aggregate was 
exposed. It was decided to repair one of the lower-level conduits and both 
upper-level conduits by high strength mortar and concrete. This was done an 
the repaired conduits subjected to flow conditions again. The repairs on the 
upper-level conduit were satisfactory and it was concluded that these conduits 
need not be further repaired although it was contemplated that repairs might 
again be necessary in 5 to 10 years. It was apparent, however, that the high- 
strength concrete could not withstand the abrasion of the conduit jet in the 
lower-level conduits, since not only were the repair patches torn out, but ad- 
ditional parent concrete was eroded. It was decided to steel line these lower- 
level conduits. This was done and no further trouble has developed. From 


Fig. 17. Detroit Spillway in operation 
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this experience and the operation of the conduits in general, it would appear 
that the conduits would have been quite satisfactory if they had been steel 
lined initially. The conduit itself functions properly and no trouble has de- 
veloped with the slide gate even though it is operating under heads of 300 feet. 
An 8-foot-diameter test conduit was installed on the south side of the spill- 
way in Detroit Dam during the initial construction. This conduit is gated at 
the upper end, and is to be used for full scale tests of such items as valves, 
conduits, or other devices. The test conduit will pass 4,000 c.f.s. at a head 
of about 230 feet. To date it has not been used, but a test program is being 
developed. 


Big Cliff Spillway 


Fig. 16 shows a cross section of the Big Cliff reregulating dam. It has an 
operating head of 97 feet. It is a concrete-gravity structure with three 46 
feet high by 44-1/2 feet wide tainter gates capable of passing the Detroit 
Project design flood of 176,000 c.f.s. The gates are activated manually by 
“push button” controls and gate operating machinery on the spillway deck. 
Cables are used to support the gates in an open position. One of the gates is 
automatically opened if the Big Cliff powerhouse unit is shut down for load re- 
jection or other causes. Some thought is being given to operating all of the 
spillway gates by remote control from Detroit Dam. To date no major diffi- 
culties, either hydraulically or structurally, have developed with the operation 
of the Big Cliff spillway or stilling basin. 
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Lookout Point Project 


Lookout Point Project, consisting of Lookout Point Dam and its reregulat- 
ing Dexter Dam, was constructed by the Corps of Engineers in 1949-1955 at < 
cost of $88,000,000. The project is located on the Middle Fork of the 
Willamette River some 21 miles east of Eugene, Oregon. Lookout Point Dam 
consists of an earth-fill dam combined with a concrete gravity spillway 
structure some 258 feet high. Its primary purpose is flood control with powe 
its principal secondary purpose. As at Detroit Dam, the pool is drawn down 
some 104 feet in the winter rainy season to provide 337,000 acre feet of flood 
control storage. The design discharge is 270,000 c.f.s., the flood of record i 
87,000 c.f.s. and the low water flow is about 1000 c.f.s. Lookout Point Dam 
has already experienced a flood of very close to record magnitude. It was 
successful in withholding the entire flood within its reservoir and reducing 
the flood level at Eugene by some 10 feet. The powerhouse located at Lookou 
Point Dam has three 40,000 KW units which are used primarily for peak 
power. The head at Lookout Point varies from 235 feet in summer to 130 fee 
in winter. Dexter Dam some 3 miles downstream reregulates the varying ou 
flow from the Lookout Point turbines by daily ponding. Dexter Dam is also a 
earth-fill concrete gravity spillway dam with a head of 55 feet and a single 
powerhouse 15,000 KW unit remotely controlled from Lookout Point power- 
house. 


Lookout Point Spillway 


The spillway at Lookout Point Dam has 5 bays capable of passing a dis- 
charge of 270,000 c.f.s. (See Figs. 19 and 21). Control of the spillway flow i 
by 42-1/2 foot wide tainter gates mounted on top of the elevation 887.5 feet 
m.s.l. ogee crest. These gates are supported by cables from individual 
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Figure 19 
Spillway Cross Section at Lookout Point Dam 
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gate-hoisting machinery beneath the spillway roadway deck. On the chute 
section of the spillway, 2-foot high “eyebrows” (Fig. 22) deflect the flow and 
cause it to jump the conduit openings. The stilling basin below the spillway 
has a sloping floor, no baffles, and 1 on 1 sloping end sill. It is designed for 
a hydraulic jump at 175,000 c.f.s. To date the spillway and stilling basin have 
operated quite satisfactorily with the small flows passed through them and no 
difficulties have developed with the tainter gates, spillway crest, chute or 
stilling basin. 


Conduits at Lookout Point 


There are 4 gate controlled conduits 6-3/4 feet wide by 12 feet high and 
operating under a head of 95 feet to 200 feet in the spillway of Lookout Point 
Dam. These conduits were designed to pass flow when the pool level was be- 
low the spillway ogee crest or a maximum of 158 feet head, but they have been 
used up to the 200 foot head. They are designed for open-channel flow down- 
stream from the 20-foot radius tainter control valve (Walker valve). The roof 
of the conduit is raised 4 feet after it passes the valve and the conduit width 
is increased from 6-3/4 feet to 8-1/2 feet. The valve trunnion operates on a 
cam to seal the valve tightly, but a great deal of undesirable spray occurs in 
the valve chamber when it is pulled off of the seal during valve movement. 
Although the conduits are vented downstream from the valve, and sufficient 
roof space is available for air to enter from the downstream end of the con- 
duit, (See Fig. 22) there is a definite pulsating in the valve chamber. 
Measurements have indicated that the negative pressure is only a few ounces 
below atmosphere but it nevertheless is indicative of slight unstability. To 
date the valve has been opened wide at a head of 150 feet, and to 0.7 opening 
at full 200-feet head with no tendency to develop full-tunnel flow conditions. 
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u Spillway Cross Section at Dexter Dam 
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Erosion of the concrete in the conduits has been watched carefully. Al- 
though some slight sandy roughness of the walls has developed, there has been 
no tendency to erode in the same manner as at Detroit Dam. 


Spillway at Dexter Dam 


This spillway is a concrete gravity structure with seven 35 feet wide by 
44 feet high tainter gates mounted on the ogee crest at elevation 660. (See 
Fig. 20). These gates are also raised by cables from individual hoists. The 
stilling basin downstream from the spillway has 2 rows of baffles and a verti- 
cal end sill. Both the spillway and stilling basin are designed to pass a flow 
of 270,000 c.f.s. Hydraulically the Dexter spillway has functioned quite satis- 
factorily thus far. Crystallization of the 2-inch diameter bolts attaching the 
cables to the spillway gates occurred in the early stages of operation, and 
unintentionally non-free slide plates beneath the gate trunnion arms caused 
the ends of several of the piers to crack, but both of these minor structural 
deficiencies were easily corrected. 


Other Northwest Dams 


Pelton Dam 


Pelton Dam is a 200-foot high arch dam recently constructed by the 
Portland General Electric Company on the Deschutes River, a tributary of the 
Columbia River, near Madras, Oregon. It has a3 unit, 120,000 KW capacity 


Fig. 21. Flow over Lookout Point Spillway 
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powerhouse and a 75-feet wide, 30,000 c.f.s. capacity “ski-jump” type of spill- 
way controlled by two 34 x 22 foot tainter valves on the left abutment. The 
chute portion of the “ski-jump” spillway is concrete lined. The flip at the 
lower end of the chute causes the flow to jump clear and plunge into the lower 
pool. Operation of this spillway creates a great deal of spray in the canyon 
but otherwise it appears to function quite satisfactorily for this type of dam. 

It is not intended that it will be used frequently. 


Swift Dam 

Swift Dam now under construction by the Pacific Power and Light Company 
is 45 miles northeast of Portland and is the third dam is a series of three 
power dams on the Lewis River, a tributary of the Columbia River. It is an 
earth-fill dam some 500 feet high. It will have three 68,000 KW powerhouse 
units. The spillway is a concrete lined chute in the rock cliff on the left 


abutment, and carries the flow some 1750 feet downstream from the control 
gates before it is flipped into the river bed downstream. 


Cougar Dam 


This 445-foot-high dam is now under construction by the Corps of Engi- 
neers. It is located on the South Fork of the McKenzie River, a tributary of 
the Willamette River. The dam site is some 44 miles east of Eugene, Oregon. 
The project will consist of a rock-fill dam with an earth core, a gated chute- 
Spillway and a powerhouse with two 12,500 KW units. The flood control 
storage of the dam is about 155,000 acre feet. The 80,000 c.f.s. spillway on 
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the right abutment has an approach channel, two tainter gates for controlling 
the flow, and a concrete chute down the hillside with no stilling basin. This 
type of spillway was adopted for this dam since it will be used only in- 
frequently. 


Hills Creek Dam 


This dam is also being constructed by the Corps of Engineers at the 
present time. It is located on the Middle Fork of the Willamette River 26.5 
miles upstream from Lookout Point Dam. It will be a flood control dam with 
200,000 acre feet of flood control storage and two 15,000 KW power units oper 
ating under a maximum head of some 317 feet. The units will be remotely 
controlled from Lookout Point Dam. The dam will be of an earth and gravel 
filled type, and have a 328-foot-long concrete lined chute-type spillway on the 
right abutment. The chute will converge in width, be on a 30 degree slope anc 
have a flip bucket at the bottom. Three 42 foot x 48 foot gates will control the 
spillway flow at the head of the chute. As at Cougar Dam it is not expected 
that the Hills Creek spillway will be used to any great extent. 

It will be noted that at all four of these modern dams, the spillway is of the 
chut-flip type. They are located in the abutment and spill into the stream bed 
below with no stilling basin. For dams of this type located in narrow valleys 
with smaller drainage basins and small flood runoffs, the chute-flip type of 
spillway is not only more economical to construct, but with its infrequent use 
should not present any major operation problems. 


Vertical-Lift Gates Versus Tainter Gates 


This paper has described the operating experience with two types of spill- 
way control gates—the vertical-lift gates of Bonneville and McNary Dams, an 
the tainter gates of Chief Joseph-, The Dalles-, Detroit-, and Lookout Point 
Dams. Comparison of this experience indicates that the tainter gate has a 
number of advantages over the vertical-lift gate when operated by gantry 
cranes. The rapidity with which a single gate of either type can be opened or 
closed is not too different, but with the usual need to keep gate openings uni- 
form across the spillway, it is normally necessary to open or close a numbe1 
of gates at one time, and here the individually operated tainter gate is far 
superior to the slow-moving gantry cranes. All gates on the spillway at The 
Dalles Dam for instance can be entirely closed in about 15 minutes even with 
high flows; this same operation at Bonneville would take 4 to 5 hours with 2 — 
gantry cranes operating. ; 

The latching or dogging arrangement on the vertical-lift gates restricts th 
selected change in opening to 1 latch or “dog” which may be one or two feet — 
apart. With the tainter gate the spillway gate can easily be set to 0.1 feet. — 
This gives more flexibility and facilitates spillway operation. 

One of the biggest advantages of the tainter gates is the elimination of the 
vertical-lift gate slots with their attendant cavitation. Such gate slots can be 
reinforced with steel and can be beveled to reduce the attack of the water jet 
but complete elimination of the slot altogether assures reduced maintenance. 

The manpower required to operate the vertical-lift gate in combination 
with a gantry is greater than that required to operate tainter gates which are 
individually operated by push button controls and individual hoisting machine 
This reduces operating costs. The relatively simple machinery needed to. 
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operate the tainter gate lends itself more readily to remote control and 
further reduction in manpower operating costs. This same simplicity also 
reduces maintenance costs. 


CONC LUSIONS 


From an operation standpoint, spillways and other features of dams should 
be so designed as to minimize operation and maintenance costs. This is often 
overlooked in design. Economy in construction cost is of course desirable, 
but if this economy is to be gained by increased manpower to operate and 
maintain the facility, the original economy is nullified. A saving of one man 
on the operations payroll is worth $100,000 in initial construction cost. Based 
on the operating experience with spillways in the Northwest dams as outlined 
in this paper, the following conclusions can be drawn: 


Individually operated tainter gates are superior to vertical-lift type 
of gates operated by a gantry crane, and lend themselves more readily 
to remote control. 


If vertical-lift type of gates must be used, the spillway crest should 
be kept above flood tailwater, a sharp bottom shape should be provided 
on the gates, and a split gate arrangement should be incorporated if 
possible. 


Dependable limit switches should be installed both on tainter gates, 
and gantry cranes which lift vertical-lift type gates, to prevent im- 
proper operation and expensive repairs. 


Use of cables to support tainter gates in the open position seems to 
be just as satisfactory as the chain and sprocket equipment. 


Stilling basins which are subject to year-around use should be of 
ample proportions to avoid restrictive operations and expensive mainte- 
nance. 


Chute-flip type of spillways on high head dams can be advantageous- 
ly used when the use of the spillway is infrequent and the spillway ca- 
pacity is relatively small. 


High-head outlet conduits should be steel lined for a distance down- 
stream from the valve to prevent erosion of the concrete by the high 
velocity jet. 


The advantage of the open-channel type of flow in high-head outlets 
is questionable. 
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CONSISTENCY IN UNITGRAPHS 


Bertram S. Barnes,! F. ASCE 


SYNOPSIS 


The successful application of the unitgraph method calls for both experi- 
ence and judgment. Because judgment is based partly upon preconceived 
ideas, unitgraphs that are derived by visual inspection are influenced by those 
ideas and in turn, help to perpetuate them. For a firmer understanding of 
unitgraphs, more arithmetic should enter into their determination and greater 
use should be made of compound flood events as sources of data. This paper 
undertakes a re-appraisal of certain common assumptions and presents a 
rapid and positive arithmetical method of deriving unitgraphs from compound 
hydrographs. An urgent need for more study of lag relationships is demon- 
strated. 


INTRODUCTION 


The runoff hydrograph is the end result of complex natural phenomena that 
cannot readily be expressed in mathematical terms. In the unitgraph 
method(1) a simplified approximation of those phenomena is employed to 
reconstruct the hydrograph, by the use of certain working assumptions. 
Further progress in unitgraph procedures would be difficult if there were un- 
qualified acceptance of the assumptions that are in general use. Among those 
that are widely accepted, some of them as physical truths, the following should 
how be reviewed critically: 


a. That the unitgraph represents “surface runoff”. 

b. That the total volume of the unitgraph must be equal to one standard 
unit. 

ce. That all unitgraphs for a given river point have the same length of base. 


Note: Discussion open until January 1, 1959. To extend the closing date one month, a 
written request must be filed with the Executive Secretary, ASCE. Paper 2128 is 
part of the copyrighted Journal of the Hydraulics Division, Proceedings of the 
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d. That the unitgraph must end with zero discharge. 

e. That the recession limb of the unitgraph, beyond the point of inflection 
(cartesian plotting), represents “discharge from channel storage”. 

f. That a unitgraph and a series of excess rainfall increments are neces- 
sarily correct if, when used together, they will reproduce the hydro- 
graph of direct runoff. 

g. That all unitgraphs for a given river point have the same lag time. 

h. In addition to the above, there is the basic principle of the unitgraph 
method itself, which for certain purposes has to be accepted: that all 
unitgraphs for a given river point are mutually proportional in shape, 
with respect to their ordinates. 


The validity of assumption (a) depends upon what is meant by “surface run- 
off”. The three elements of streamflow that can be recognized in the dis- 
charge hydrograph are ground-water flow, interflow, and overland flow. (2) 
Ground-water flow is the characteristic discharge from deep ground storage 
and it has a long concentration time, depending in part upon the time required 
for rainwater to percolate down to the ground-water level. Interflow consists 
essentially of water that has infiltrated to shallow depths before entering the 
channel.(3) It includes subsurface flow, discharge from bank storage, and 
minor flows from unstable ground-water slopes near the river, all witha 
concentration much faster than that of ground-water flow and considerably 
slower than overland flow. The latter consists of water that has not entered 
the ground, and includes channel precipitation. 

When L. K. Sherman first presented the unitgraph in 1932, only ground- 
water flow and surface runoff were recognized. Interflow, which often has a 
larger volume than the overland flow, had not been identified. As a result, 
“surface runoff” now has no meaning that is generally understood. It may in- 
clude the interflow or exclude it; more often it includes from one-fourth to 
three-fourths of it. The writer believes that the unitgraph should represent 
“direct runoff”, which is overland flow plus interflow. After making due al- 
lowance for interception and other direct losses, the difference between the 
volume of rainfall and that of direct runoff is the retention, while that between 
rainfall and overland runoff is the infiltration. This distinction is too often 
overlooked when applying the unitgraph. 

Assumption (b) would restrict the name to unitgraphs that have been com- 
pletely processed for application, leaving nameless those being processed or — 
on file in a unitgraph bank. If the volume is to be a unit amount, it is im- 
portant to admit non-standard units and dimensionless units. Actually, the 
prefix “unit” refers to unit time, not volume. In a letter to the writer in 1947, 
Sherman discussed the confusion of terms and stated his preferred definitions: 


“The unit hydrograph is a hydrograph of runoff from a given drainage 
basin, due solely to the volume of net rainfall (precipitation excess) oc- 
curring in a specified unit of time.” 

“The unit hydrograph is a sequence of figures that express the typi- 
cal distribution of runoff from a given basin.” 


The two definitions obviously apply to the observed and the processed unit- 
graph, respectively, without restricting the volume of either one. Sherman — 


has also presented a drawing of a ae of unitgraphs of different volume, 
applicable to the same river point. (4) 
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Assumption (c) was stated as a part of the original theory, but it is in no 
way essential. It is well established that a large flow will take longer to re- 

_ cede than a smaller one. It is fundamental, also, that of two unitgraphs for 
the same river point, if one has twice the volume of the other, it will recede 
twice as fast. Yet, it cannot recede from 100 cfs to zero in the same number 
of hours that the other recedes from 50 cfs to zero, if both unitgraphs follow 
the same normal depletion curve below 50 cfs. It is evident from the above 
that the normal recession of direct runoff has to become exponential as soon 
as the overland portion of the flow has diminished to a negligible amount. (5) 
The recession, then, is asymptotic to the time axis and would not reach zero 
unless the effects of evaporation, bank transpiration, and other natural losses 
were present. This concept brings the unitgraph and the depletion curve 
methods into complete accord and there is ample evidence that it is valid for 
practical purposes. It must be concluded that “length of base” is a meaning- 
less term and that the unitgraph is as long or as short as the hydrologist 
wishes to make it. 

Assumption (d), of course, provides a simple means of determining an 
apparent volume of the unitgraph. A fourth or more of the actual volume is 
often discarded by pinching off the recession, and when the graph is readjust- 
ed to unit volume, the peak becomes proportionally too high. The curtailment 
is entirely unnecessary because it is actually easier and better to apply the 
unitgraph in endless form.(6) This is especially true in continuous flow fore- 
Casting. In any case, if the recession is to be cut off, it should not be done 
until after the volume has been determined. The exponential portion of the 
recession can be expressed by the equation 


t 
Q = Qk 
where Q, is the discharge at a given instant, Q is the discharge after an inter- 


val of t time units, and k is the recession factor for one time unit. If Q is 
expressed in cfs and t in hours, the residual volume Vj at the given instant, 


in cfs-hours, is(2) 


(1) 
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It has already been shown that Eq. (1) is a correlary to the basic principle 
of the unitgraph. Table 1 gives values of the residual volume when Q is one 
cfs and k is the 24-hour recession factor, and is useful in finding the volume 
of an endless unitgraph. 

Assumption (e) seems to have been accepted widely without critical exami- 
nation. The flood hydrograph, of course, represents outflow from channel 
storage and the volume of storage diminishes during the recession. However, 
the rate of interflow in a unitgraph normally increases for some time after 
the point of inflection. The effect of channel storage upon a single unitgraph, 
after the flows of a series of them have become merged, is purely a matter 
of abstract reasoning. There is no doubt, however, that in small basins, the 
point of inflection of the flood hydrograph commonly occurs before all of the 
direct runoff has entered the stream channels. 

_ Assumption (f) is the basis of all trial-and-error methods. A fair repro- 
duction of a flashy hydrograph can substantiate a unitgraph, especially if 
there were two or more observed peaks or if the time of the rain bursts is 
‘known. A perfect reproduction of the direct-runoff hydrograph, starting at 
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TABLE 1. VALUES OF THE STORAGE FACTOR Z. 


Volume of an Exponential Recession in cfs-hours per 1 cfs of 
initial discharge, where k is the 24-hour recession factor. 


At the instant when the discharge is Q cfs, the remaining 
volume is QZ cfs-hours. 
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zero flow and ending at a negligible discharge, would establish the unitgraph 
beyond any doubt. A reasonably good fit over most of the hydrograph, how- 
ever, can often be misleading. Of the eight unitgraphs of Table 3, four will 
give perfect reproductions of the hydrograph of Table 2 as far as the end of 
its high-water portion. An even greater variety would have given “satis- 
factory” reproductions. 

Assumption (g) must be accepted for certain purposes, such as the analysis 
of compound hydrographs. The increase of lag with stage in large, mature 
river systems is generally recognized. Similar effects in a small basin could 
easily be obscured because of the relatively short lag and the more prominent 
effect of the areal pattern of rainfall. There are likely to be relatively large 
errors in the lag of small-basin unitgraphs, resulting from the practice of 
steepening the recessions in order to shorten them. 

The danger in assuming that a basin has a fixed lag time was made evident 
to the writer in the course of a routine study. Karnafuli River in East 
Pakistan drains an area of 3,800 sq. mi., and is subject to heavy monsoon 
rains lasting three to five days. The basin is quite rugged, being covered by — 
pressure folds that appear as a series of high parallel ridges. Previous to 
the folding, the main stem of the river had been established on a flat alluvial 
plain. It is cut squarely through the ridges and is fed by tributaries that 
follow the synclines. The slopes of the major channels are extremely flat. _ 
All of the flood hydrographs are highly compounded and a painstaking analysis 
of them had to be made. It was found that the unitgraph lag, from the center 
of the unit rainfall duration to the hour when half of the runoff had occurred, 
varied from about 45 hours to more than 100 hours. The plotting of the values 
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TABLE 3. UNITGRAPH BY PROGRESSIVE ADDITION. 


Comparison of four successive trials. 


i i i i rial 4. 
Bie PAE 2g ac acs, kay eee 
hours Fd. Rev. Fd. Rev. Fd. Rev. Fd. Rev. 
ee a ee ee 

0 0 -6.23 0 -4,19 0 -1.64 0 -.004 

24 Pes 2 ee One PeI2) S320 1.72) M3765 wALTZ .254 

48 8.29 14.29 8.29 10.26 7.94 9.23 poh -825 

72 14.99 12.31 14.63 11560 £3227) Ti S2 1.263 13257 

96 LOs38" ) Seo7 8.94 5.89 7.38 6.47 -676 - 684 
120 3.92 4,82 2.08 ~Sei5 2.84 4.19 e327 - 376 
144 3553 27.46 pe92) *6s3e 4.96 5.66 -517 -530 
168 8.52) 98250 T1504" - 17.76 8.55 7.46 —790 734 
192 7.94 5.04 8.11 4.70 5.01)» 2 Heo -431 +442 
216 SE Fa -45  *2.67 1.68 *2.53 220 *.247 
240 -.12 ¥*2.00 -1.52 ¥*1.84 £. 385 *le7 9 .169 *.170 
264 *1,38 *1.28 1.89 *1.21 -147 *.118 
288 * 95 * ,88 1.10) * 7583 .072 *.081 


* On exponential part of recession: k = 0.69. 


left no doubt that the lag was closely related to the average stage of the flood 
event. 

Assumption (h) represents the basic principle of the unitgraph method. 
Nevertheless, certain natural phenomena often alter the shape of the unit- 
graph. The areal pattern of the rainfall, of course, affects it, and particularl 
the relative distance from the gaging point to the center of rainfall. The 
steepness of the unitgraph is affected by the relative proportion of overland 
flow, which in turn often depends on the intensity and duration characteristics 
of the rain. A protracted rain at a rate roughly equivalent to the infiltration 
capacity of the ground can produce a large volume of interflow with little or 
no overland flow. In some instances, as was found in the Karnafuli study, the 
stage of the river may greatly affect the lag of the unitgraphs within a flood. 
Unitgraphs of ordinary shape are flattened proportionally as their lag increas 
es; this may or may not be true of unitgraphs having unusual features, such 
as multiple peaks. Finally, the method itself creates the picture of a series 
of unitgraphs, each of which preserves its identity as it accompanies the floo 
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The hydrologist must not forget that the laws of hydraulics govern primarily 
the total flow in the channel, rather than that of imaginary parcels of water 
within it. 


Separation of Flows 


One of the earliest methods of estimating the ground-water flow was to 
connect the low points of the discharge hydrograph by straight lines or smooth 
curves. This was later varied by the introduction of a rise and fall of ground- 
water flow coincident with that of each event of direct runoff. In the portion 
of a flood event that is being analyzed for unitgraph purposes, the writer has 
usually found no appreciable increase in ground-water flow unless it resulted 
from percolation previous to the storm that produced the flood event. The ef- 
fect will appear sooner, of course, when the water table is higher. Presuma- 
bly with bank storage in mind, hydrologists have often placed the ground-water 
crest much earlier than the bulk of the percolating water could possibly reach 
ground-water level, and the fall has been drawn much steeper than the rate of 
normal recession, making the peak erroneously high. At the same time, in 
assuming that the low points of the hydrograph represent ground-water flow, 
they have overlooked the residual of direct runoff that is likely to be fairly 
large at those points. 

The writer is convinced that the observed normal recession character- 
istics of the stream are the most practical guide for separating the elements 
of flow, and that the minor effects of quick percolation in the bottom lands and 
changing head of ground water at the stream banks should be treated as direct- 
runoff phenomena. The normal recessions of ground-water flow and interflow 
each assume the form of Eq. (1), which plots as a straight line on semi- 
logarithmic paper. (5) This fact greatly simplifies the separation of ground- 
water flow. In the annual regimen of most streams, there is a season when a 
prolonged recharge of ground water occurs. For the rest of the year the 
semi-log hydrograph of ground-water flow consists mainly of straight lines 
at the slope of the normal ground-water recession.(2) Fairly heavy rains in 
the dry season often contribute no appreciable recharge, even though there 
may be considerable direct runoff. When a late-season recharge occurs, the 
rise may appear weeks after the rain that caused it, and is usually quite 
abrupt, the ground-water hydrograph resuming its normal slope almost im- 
mediately at the new level. If unusually hot weather occurs while the ground- 
water flow is low, evaporation and bank transpiration may cause an apparent 
‘decline that is much steeper than the normal recession. Usually, however, 
some part of the late-season hydrograph will clearly indicate the normal 
slope. 

After a trial hydrograph of ground-water flow has been drawn, the direct 
‘discharge should be computed and plotted on semi-log paper with an expanded 
time scale. The shape of this hydrograph can be compared to the profile of a 
‘ripsaw, the rises being steep and the recessions tending to straighten. A 
characteristic slope of the straight portions will be seen. The hydrographs of 
‘ground water and direct runoff can then be mutually adjusted to accentuate the 
‘parallel appearance of the recessions without departing from a consistent 
behavior of the ground water. The recession factor for interflow is de- 
termined from the slope of the straight portions of the recessions of direct 


‘discharge. 


; 
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The procedure used by the writer is as follows: 


1. 


On semi-log calendar paper plot as many seasons of daily discharge as 
practicable, about 15 days to the inch. Include the years of unusually 
high discharge and at least one dry year, if possible. 

Draw the trial hydrograph of ground-water flow as previously de- 
scribed. (The 24-hour recession factor is usually quite close to 0.98 
and practically always greater than 0.90.) 

Compute the trial direct discharge and plot it on semi-log paper, per- 
haps five or six days to the inch, or a scale that will slope the re- 
cessions between 30 and 60 degrees. 

Examine the direct-runoff hydrograph and adjust it together with the 
ground-water hydrograph until both are plausible. This is often merely 
a matter of shifting the dates of recharge. Unless the ground-water 
flow is a large part of the total, minor adjustments are justified only 
where they are needed to confirm the normal recession factor for inter- 
flow. 


. Determine the characteristic slope of the interflow recession and draw 


a line with that slope. Find the 24-hour recession factor, which is the 
ratio of the ordinates at the end and the beginning of one day. Its value 
is nearly 0.80 in some large basins and is often less than 0.50 in ex- 
tremely small ones. It is usually more convenient to pick off the factor 
for an extended period and reduce it logarithmically to its 24-hour 
equivalent. 

Select the events that are to be analyzed for unitgraphs. Obtain, if 
possible, instantaneous discharge values for those events at intervals 
that will define the graph in detail, especially the peaks, troughs, and 
the hour when the first rise began. If only the daily mean values are 
available, the actual hydrograph, should be estimated from them. Daily 
values obtained from single readings should be treated as instantaneous 
discharge. Rainfall records often help to determine the hour of the 
first rise. 

From the observed discharge, subtract the ground-water flow and plot 
the hydrograph of direct discharge on semi-log paper. Draw the re- 
cessions of residual flow at the beginning of the event and at the end, 
as straight lines having the normal recession slope (Fig. 1). 


. At the beginning of the event, subtract the residual flow of the previous 


event from the direct discharge up to the time when the residual be- 
comes negligible. Plot the new net values on the same sheet. The 
hydrograph of the direct-runoff event is now ready for analysis (Fig. 2) 
Some unitgraph procedures require that the volume of direct runoff be 
determined from the hydrograph. When this is desired, determine the 
volume from the beginning of the event to an early point on the exponen 
tial recession by the usual methods. Using the storage factor from 


Table 1 (or by Eq. (2)), determine the remaining volume under the 
recession. 


The Principle of Progressive Addition 


The simplest way to obtain a unitgraph is to find and utilize a suitable iso- 
lated unit event. Such events are rare; usually it is necessary to separate a 
material amount of overlapping runoff. The uncertainties of that process car 
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Fig. 2. Two-hour unitgraph, Castle Creek. 
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be minimized by the use of the semi-log hydrograph. Often, however, the 
most suitable events are highly compounded. There is always the possibility, 
also, that unitgraphs from simple events may not be characteristic of more 
protracted floods in the stream. A simple and positive method of deriving a 
unitgraph from a compound event, with or without rainfall records, is there- 
fore of great potential value. 

The most reliable breakdowns of compound hydrographs are those per- 
formed by analytical methods. Assume that an event of direct runoff results 
from the four increments of excess rainfall Rj, Rg, Rg, and Rg inches, occur- 
ring in successive units of time. The ordinates of the hydrograph, at unit 
intervals, are Q;, Qo, Q3, etc., and those of the unitgraph are Uy, Ug, Us, etc. _ 
By the unitgraph theory, the ordinates of the hydrograph can then be expressed 


Qi: UR, 
Q,= UR, + U,R2 
Q;= U; R, cs U,Re * U.Rs (3) 


Pi UR, + U;R, + UR; + U,R, 
Qs= UsR, 7; U,R2 + UsR3 + U,R, 


and so on for the rest of the ordinates. If the R-values could be known exact- 
ly, Eqs. (3) could be solved as normal equations to determine the ordinates 
of the unitgraph. A variation of the method is to fit the equations to the ob- 
served hydrograph by multiple regression. Procedures of these types are 
discussed in references (7, 8 and 9). 

A different approach based on Egs. (3) has been in limited use for several 
years. (6) Its origin is not known to the writer and since the method is tedious 
and sometimes deceptive, it has never become popular. It is necessary at 
this point to explain the process, which may be called “progressive addition”. 
Trial values of Rj, Ro, Rg, to Rp are first set up, having their sum equivalent 
to the volume of the compound event. Uj, is determined from Q; and Ry. Ug 
is obtained by subtracting U;Ro from Qg and dividing the difference by Rj, 
and soon. The ordinates are plotted as fast as they are determined and a 
smooth mean curve is maintained between the points. By inspection of the 
curve, adjustments of the R-values are made and the U-values are revised 
accordingly. This method gives a leverage to small errors that greatly 
magnifies their effects, and the process usually breaks down in wild values 
as soon as the peak is passed. It is then necessary to go to the far end of the 


compound event and work backward toward the peak. 


The basic equations of the method of progressive addition are obtained 


from Eqs. (3) and can be written as follows: 


ee 


(4) 


t 
Q,- (U,R, + U,R3) 
U3= Pe Ma re 
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Q,- (UsR2+ UR; + U,R4) 
U,= PR sono Heres 


The series of equations can be extended to Up, following the pattern above. 
Only as many R-terms appear as there are increments of excess rain, all 
others becoming zero. In the application, the UR multiplications are per- 
formed with a calculating machine and the products are allowed to accumulate 
on the dial. The actual computations are quite rapid and are greatly facilitat- 
ed by first entering the Q-values in order vertically on the work sheet, leaving 
an adjacent column for the U-values as they are determined. The R-values 
are then written in a column, in inverted order, on a separate strip of paper 
that is used as a slide. 

The unitgraph derived on the forward run will commence with the first 
increment of excess rain, while zero time of the other unitgraph will be at the 
start of the last increment (Fig. 2). The two are therefore out of phase by a 
period equal to the total duration of excess rain less one time increment. In 
order to compare them, the unitgraph of the reversed run must be shifted 
forward that number of hours. 

The procedure described above has proved quite valuable in special 
problems but was never entirely practical for routine use. It was always 
difficult to obtain a satisfactory match of the two runs as they passed the 
crest. When a trial rainfall increment was changed, the sequence had to be 
readjusted to hold its volume constant. The reversed run had to be started at 
a point of negligible flow and carried back through a long recession. The 
shape of the derived unitgraph was affected by the operator’s judgment and 
there was no inherent measure of its accuracy. The adjustments obscured 
the natural irregularities of the graph, and a zone between two peaks usually 
could not be defined at all. 

The writer has found that the shortcomings of the procedure are eliminat- 
ed, and its operation made simple and rapid, by three significant changes: 


s. To start the reversed run at the first regular ordinate in the exponential 
part of the recession and extend the run back to zero time. The forward 
run is made the same length as the reversed run. 

‘ro make no adjustments during any pair of runs. Between runs, only 

ime excess rainfall sequence is adjusted. 

3. ‘ro express the excess rainfall neither in inches nor millimeters, but 
merely as a series of numbers, paying no attention to their sum. Any 
single number may then be altered at will. The unitgraph will have its 
ordinates in non-standard units but will be no less valid for that reason. 


Tote) 
« 


In this revised procedure, the objective is a fair agreement of the two 
unadjusted runs, forward and reversed, which is accomplished solely by alter- 
ing the trial rainfall numbers. The method is rapid, self-checking, and almost 
foolproof. Skill developed in practice can greatly speed the operation but will 
not affect the results. The revised procedure will be described in detail in 
ensuing sections of this paper. 


The Reversed Run 


Until an approximate sequence of R-values has been established, it is 
usually simpler to start with the reversed run, rather than the forward run. 
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In order to start the run at any discharge rate except zero, a short series of 
U-values must first be set up at the starting point, so that the initial appli- 
cation of the rainfall sequence can be made. Consider a compound hydrograph 
of direct runoff, extending into a period: of normal recession. Assume that 
six hours has been selected as the appropriate unit time, that the trial incre- 
ments of excess rain are expressed by the four numbers Rj, Rg, R3, and R4, 
in that order, and that the normal recession slope is expressed by the 6-hour 
recession factor k. Let Qg be the first regular ordinate after the recession 
becomes exponential, with Q,, Qp and Qg following at 6-hour intervals. Each 
of the latter three values, then, is equal to k times the value preceding it. 
The same will be true of the corresponding ordinates of the unitgraph and the 
latter may readily be computed from their Q-terms by applying as a factor 
the ratio of Qg to the sum of the four products Rj1Q,, RgQp, R3Qc, and R4Qg. 

The operations in setting up and performing the reversed run with four 
rainfall increments are as follows: 


1. The trial R-values are assumed to have been entered on the slide in in- 
verted chronological order, starting with Rj at the bottom. The entire 
series of Q-values at unit intervals is assumed to have been entered in 
a column of the work sheet in chronological order starting at the top 
and ending with Q, at the bottom. 

2. Place the slide so that Rj is opposite Qa. Multiply R1Qa, R2Qp, R3Qc 
and R4Qg, letting the four products accumulate on the machine. Divide 
Qqg by the sum. Apply the quotient as a factor to Qa, Qp, Qc and Qq in 
turn, to obtain Ug, Up, Uc and Ug, in that order. Enter the four U-values 
in a column of the work sheet, opposite the Q-values with the same 
subscripts. 

3. Without moving the slide, check the results by accumulating the products 
Ri Ua, R2Up, RgUc and R4Ug. Their sum should equal Qg. 

4. The actual run is started by raising the slide one line. Accumulate the 
bottom three RU products and subtract from the Q-value opposite R4. 
Divide the difference by R4 and enter the quotient in the U column, 
opposite R4. Raise the slide and repeat, continuing in this manner until 
the run is finished. A numerical example of the process is given in the 
following section. 


Deriving the Unitgraph 


The general procedure of deriving a unitgraph from a compound hydro- 
graph, using the revised method of progressive addition, is as follows: 


1. Separate the direct runoff by the method previously outlined. 

2. Estimate the approximate duration of excess rainfall or choose a du- 
ration at random, if necessary. Select a time interval to be used as the 
unit duration. This should not exceed about one-third of the probable 
lag time, as measured to the midpoint of the volume of the unitgraph. 

3. Set up a trial series of R-numbers to represent the excess rainfall 
increments. Their sum is of no importance; only their ratio is signifi- 
cant. For the first trial use small whole numbers. If there are no rain- 
fall data, use such a sequence as 5, 5, 5, 5. If more than five incre- 
ments are assumed, the unit duration should be doubled for the earlier 
runs in order to reduce the number of terms in the sequence. A 


a 
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subsequent trial sequence can be expanded to splitting each of the 
numbers. 

4. Make the reversed run. If a negative U-value occurs, stop the run. Un- 
less the run was almost complete, change one or more R-values on the 
slide and try again. 

5. If the run was complete or nearly so, shift the time earlier by the 
amount of the phase correction (the length of the rainfall sequence less 
one time increment) and plot the U-values as a hydrograph. A small 
scale should be used. It is best to divide up the cross-section sheet and 
use one part for each trial sequence, identified by its R-numbers. 

6. When a reversed run has been completed, or nearly so, without negative 
U-values, make the forward run without changing the numbers on the 
slide. The run is started with the slide at the top of the column. The 
first U-value is entered as zero, opposite the zero Q-value. Set the 
slide with Rj opposite the next Q-value and divide the latter by Ry. 
Enter the quotient as the second U-value. Lower the slide one line. 
Multiply Ro by its U-value and subtract from Q opposite Rj. Divide by 
R, and enter as the third U-value. Lower the slide one line. Accumu- 
late the U-products of Rg and Rg and subtract from Q opposite Rj. 
Divide by Rj as before. Lower the slide and continue. 

7. Stop the run if negative values appear, otherwise continue it through as 
many unit periods as the reversed run. In either case, plot the two 
runs together for comparison. No phase correction is applied to the 
forward run. 

8. Change one of the R-numbers, selected after a study of the previous 
plotting, and make a new pair of runs. Plot the runs and study the ef- 
fect of the change; whether it improved the fit, where, and how much. 

It should now be possible to judge which R-number can be changed most 
advantageously for the next run, and in which direction. It may appear 
that not enough increments, or too many, are being used. However, a 
rough conformity of the two runs will become evident before any 
increments need to be added or discarded. 


Stated briefly, the initial objective is to select a sequence of R-numbers 
that will nearly complete a pair of runs with no negative ordinates. The final 
objective is to bring the two runs into fair agreement. If rainfall records are 
available, the first trial should achieve the initial objective. The skill needed 
to speed the rest of the process is quickly acquired. Note that one of the R- 
numbers can be kept unchanged if desired. Since the first and last terms 
serve as divisors, it is helpful to keep them in round numbers as long as 
practicable, fractional adjustments being made first to the other terms. 


Numerical Example 


An example of the first trial is shown in Table 2. The flood event occurred 
on Karnafuli River at Rangamati, East Pakistan, in July 1947. Unit time has 
been taken as one day. Because hourly discharge values were available, the 
days do not start at midnight, and zero time is the hour of the start of the 
flood. The Q-values represent momentary direct discharge in thousands of _ 
cfs, at 24-hour intervals. From available rainfall records, four days of ex- 
cess rainfall were assumed, in the ratio 5, 3, 3, 3; one trial perhaps being 
avoided by starting with those numbers instead of 5, 5, 5, 5. The starting po- 
sition of the slide, for the reversed run, is shown at the bottom of the “slide” | 
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column in Table 2 and the starting position for the forward run is shown at 
the top. The starred values of the discharge column are on the exponential 
part of the recession (k = 0.69 per day), and those starred in the reversed run 
are proportional to them. The reversed run was performed as follows: 


1. Place the slide opposite the starred numbers of the discharge column. 
Use those values in place of unitgraph ordinates to compute a fictitious 
discharge at 12 days. This will be (5 x 7.77) + (3 x 11.30) + (3 x 16.30) 
+ (3 x 23.60). The products are allowed to accumulate on the dial and 
their sum is 192.45. Divide the actual discharge (23.6) by the latter to 
obtain the factor 0.1226. Apply that factor to the starred values of the 
discharge column to obtain the corresponding unitgraph ordinates. 
Enter the latter on the work sheet. 

2. Clear the machine. Without moving the slide, test the four unitgraph 
ordinates by computing the discharge at 12 days. This will be 
(5 x 0.95) + (3 x 1.38) + (3 x 2.00) + (3 x 2.89), accumulating 23.56 on 
the dial, which agrees with the value 23.6 in the discharge column. 

3. Clear the machine. Move the slide up one line on the work sheet. 
Accumulate the three products 5 x 1.38, 3 x 2.00, and 3 x 2.89. Subtract 
the total (21.57) from the discharge opposite the top figure of the slide 
and divide the difference (15.13) by the top figure. Write the result 
(5.04) as the unitgraph ordinate opposite the top figure of the slide. 
Clear the machine. 

4. Move the slide up a line at a time and continue the computations in the 
same manner. End the run at 3 days, which corresponds to zero time 
on the forward run (in this instance the negative ordinate at 3 days 
would have ended the run automatically). 


The forward run was performed as follows: 


1. Place the slide so that its bottom figure is opposite the top figure of the 
discharge column. Divide 8.6 by 5 and enter 1.72 in the unitgraph 
column. 

2. Move the slide down one line. Multiply 1.72 by 3 and subtract 5.16 
from the discharge opposite the bottom figure of the slide. Divide the 
difference by 5 and enter 8.29 as the unitgraph ordinate. 

3. Move the slide down one line. Accumulate (3 x 1.72) and (3 x 8.29) and 
subtract the sum from 105.0. Divide by 5 and enter 14.99 as the unit- 
graph ordinate. 

4. Move the slide down a line at a time and continue in the same manner. 
Stop on the fourth line from the bottom, or in any case, when a negative 
ordinate appears. 


Since there were four numbers in the trial sequence, the reversed run 
must be shifted three lines upward for direct comparison and plotting with the 
forward run. Table 3 shows the results of the first four trials. If the unit- 
graph were to be used in a research study, two or three more trials might 
have been desirable. For example, the sequence 50, 44, 39, 28 will bring the 
two runs much closer together. The average of those runs, however, will give 
a unitgraph that hardly differs proportionally from that of the fourth trial. In 
fact, the average of the third trial would be a satisfactory unitgraph for all 
ordinary purposes. Fig. 3 shows the plotted pairs of runs made with five trial 


Sequences. 


: 
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It is not necessary to know the volume of the event of direct runoff unless 
a retention study is being made. If it is desired, however, the volume can be 
determined as described earlier, or by multiplying the numerical volume of 
the adopted unitgraph by the sum of the numbers in the trial sequence that 
produced it. In the present case, the volume of the event is 946 thousand cfs- 
days, which is equivalent to 9.25 inches of excess rainfall. The daily incre- 
ments corresponding to the trial sequence 50, 44, 39, 28 are 2.87, 2.53, 2.24 
and 1.61 inches, respectively, while those corresponding to the fourth trial 
are 2.80, 2.53, 2.24 and 1.68 inches, and those of the third trial, 2.89, 2.31, 
2.31 and 1.74 inches. 

As the rainfall sequence is developed, it has a tendency, no doubt, to 
compensate certain inconsistencies of the basic data. Note, however, that in 
this revised procedure each ordinate of the unitgraph is derived twice, from 
entirely different parts of the record. For instance, the second peak was de- 
rived, on the forward run, from the first seven days, while on the reversed 
run it was derived from the eleventh through the seventeenth day. Therefore, 
if the fit of the two runs is good, their average unitgraph can safely be accept- 
ed for that flood event. It is not unusual to find events for which the runs can- 
not be brought into acceptable agreement, because of variation in the rainfall 
pattern or errors in the discharge record. 


Lag of a Unitgraph 


Lag as originally defined by Horner and Flynt, (10) that is, measured be- 
tween the centers of mass of the excess rainfall and of the runoff, is the best 
index of the “difference in phase between salient features of the rainfall and 
runoff rate curves” because it is not affected by the duration of excess rain- 
fall. There are three other standards of lag in common use. One of these is 
measured between the midpoint of the unit rainfall period and the peak of the 
unitgraph. Another is measured from the beginning of the unit period to the 
instant when the ordinate of the summation hydrograph(11) reaches 50 per 
cent, or half of the rate of excess rainfall. The third is measured from the 
midpoint of the unit period to the instant when half of the unitgraph volume 
has passed the gage. These three standards involve less labor than the one 
of Horner and Flynt, but the values obtained with them are influenced by the 
unit rainfall duration. It can be demonstrated that there is no difference, 
humerically, between the lag by the latter two definitions. The last is the one 
used by the writer in the Karnafuli study. 

Several equations for relating lag to the physical characteristics of the 
drainage basin have been proposed. The square root of the slope (probably 
borrowed from the Chezy formula) appears in most of them. The writer has 
not seen a successful correlation of lag with slope in basins having comparable 
topography. Perhaps there have been enough random errors to obscure the 
relationship. More likely, the relation between the slope and the cross- 
Section of a naturally-developed channel tends to nullify the effect of slope 
upon lag. It is true, also, that in steep headwater channels nearly all of the 
energy of the fall is likely to be dissipated by cascades and rollers, so that 
the actual progress of the water may be relatively slow. 


_ The effects of river stage and rainfall pattern upon lag have already been 


discussed. It is evident that more study of the entire subject of lag relations 
is badly needed. Unitgraphs used for that purpose should be so derived that 
5 : 

% 
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they will not be biased by the individual tendencies of the investigators. The 
relationships of basin characteristics to lag can, no doubt, be detected more 
readily if the Horner and Flynt definition is used for establishing the lag, and 
if the unitgraphs are treated, for lag purposes, as endless. To determine the 
lag under these conditions, consider the unitgraph to be divided into two parts, 
the dividing line being at the earliest regular ordinate on the exponential re- 
cession. Let q represent the discharge at that instant. Let T, be the elapsed 
time from the start of rise to the centroid of the entire unitgraph, Mj the time- 
volume moment of the initial part about zero time (start of rise), V_ the runoff 
volume of the final part, Tj the duration of the initial part, and V the total 
runoff volume of the unitgraph. Then 6) 


M, + VE (r, +) 
V 


Half of the unit duration of excess rain must be subtracted from Tg, to obtain 
the lag. For the unitgraph of Table 4 (obtained from the fourth trial of Table 
3) the lag may be computed as follows: 

Since the ordinates of the unitgraph are expressed in non-standard units, 
the discharge unit is designated “cxs”. Tj is nine days and q is 0.234 cxs. 
Mj is found to be 22.87 day-cxs-days by summing the moments of the first 
nine days: 


(5) 


T, = 


Mean Time Volume Moment 
0.5 0.106 0.05 
1.5 -507 0.76 
I) 1.006 2.52 
3.5 -945 3.31 
4.5 2oL6 y Ais 
ave) -438 2.41 
6.5 - 643 4.17 
7.5 599 4.48 
8.5 335 2.85 

5.095 22.87 


The volume, V¢, in cxs-hours remaining to run off after the ninth day is the 
product of q and the storage factor from Table 1. Since k is 0.69 per day, the 
storage factor is 64.7 and V¢ is 15.1 cxs-hours or 0.631 cxs-days. The total 
volume, V, is equal to V¢ plus 5.095, or 5.73 cxs-days. By Eq. (5), Tg be- 
comes 5.28 days, or 127 hours. Subtracting 12 hours (half of the unit du- ' 
ration), the lag by the definition of Horner and Flynt is found to be 115 hours. 

In the above example, the center of mass of the pluviagram was assumed — 
to be at the midpoint of its duration. On that assumption, the lag of 115 hours 
is independent of the 24-hour unit duration used in the study. If a 12-hour unit 
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duration had been used, T, would have been 6 hours shorter and the computed 
lag would have been 115 hours as before. However, by the second and third 
of the substitute definitions, the lag of the 24-hour unitgraph would have been 
96 hours and would have reflected the unit duration in some degree. If the 
lag had been measured to the peak, it would have been only 60 hours and 
would have been affected even more by the unit duration. 


Processing of Unitgraphs 


All of the values in Tables 2 and 3, except those of time, are in non- 
standard units. Before the unitgraph is applied, it must be adjusted so that 
its shape is consistent with the unit duration chosen for its application, its lag 
is correct for the basin, and its volume is equal to that of a standard unit 
depth of rainfall over the basin. If the lag and duration are not to be changed, 
the unitgraph can be prepared for application merely by adjusting its ordinates 
proportionally to give it the appropriate volume. For processing nearly all 
unitgraphs, however, the writer prefers to convert them to dimensionless 
form. (6 By this method, unitgraphs with different unit duration, from differ- 
ent basins, and with different discharge units, are reduced to a common basis 
for comparison and averaging. The adopted dimensionless unitgraph is then 
evaluated, in a single operation, for application with a given duration, lag, and 
basin area. The adjustment is based on two quantities: 


1. The lag plus half of the unit duration of excess rain, in hours. 

2. The volume of the unitgraph in “discharge-days”; that is, cfs-days if 
the ordinates are in cfs. The discharge need not be expressed in any 
standard units. 


In converting the unitgraph into dimensionless form, its ordinates are 
multiplied by a factor equal to (1) above, divided by (2) above. Its abscissae 
are expressed in per cent of (1) above. In evaluating the dimensionless unit- 
graph for application the process is reversed. Quantity (1) then becomes the 
basin lag plus half of the adopted unit time. Quantity (2) becomes the volume 
equivalent of one inch (or one millimeter) of rain over the basin. 

The unitgraph of Table 4 was converted into dimensionless form as follows 

The volume of the unitgraph is 5.73 cxs-days. The lag plus one-half du- 
ration was measured from the start of the unitgraph to the instant when half 
of the volume had been discharged, and was found to be 108 hours. The con- 
version factor for the ordinates is 108 divided by 5.73, and that for the ab- 
scissae is 100 divided by 108. In Fig. 4 this unitgraph is compared directly 
with that of a mountain brook having only a thousandth as much drainage area 
as the Karnafuli. 

Dimensionless unitgraphs are best compared when plotted on semi-log 
paper. In averaging two or more graphs, the average ordinate and average 
abscissa of the peaks should first be determined, so that the process will not 
flatten the crest. In the lower parts, the abscissae can be averaged at suc- 
cessive heights. When a composite graph has been evaluated for application, 
its volume should be compared with that of a unit depth of rain over the basin. 


This will verify the accuracy of the averaging or indicate any final adjustment 
that may be necessary. 


UNITGRAPHS 59 


HY 8 


aoe 


30 


_—Castle Creek 


20 


~ 
Say nage 


~ 
= 
a 
~ 
~ 
— 
~ 
~ 
_~ 


Karnafuli River 


-_— 
o—_-—- 

_ 
_— 


-——-= 


° 6S wo 
BWNIOA =(uOlLDUnNTG 4% + BOT) xP 


——- = — 
——--.. 
--—-. 
_——_—— 
—_—_——— 


vt 


~ 150 200 
Percent of (Lag + % Duration) 


100 


50 


2 
z 
E 
2 
5 
a 
o 
a 
g 
Q 
< 
= 


60 August, 1959 HY 8 
CONC LUSION 


Karnafuli River was chosen as an example because its hydrographs cannot 
be analyzed by conventional methods. The river is fed by protracted monsoon 
rains and its flow is sluggish. The flood events are so smoothly compounded 
that the common methods of deriving the unitgraph are useless. A solution by 
normal equations or by multiple correlation would have been defeated by the 
lack of detailed rainfall data or by the variable lag time. Any other es- 
tablished method might have failed to disclose the double crest of the unit- 
graph. It was interesting to discover that the characteristic second crest was 
present in all eight unitgraphs that were derived for Karnafuli River by the 
writer’s procedure. 

In the practice of flood hydrology there are no good substitutes for experi- 
ence and judgment. The personal equation, however, should be removed from 
the actual technical processes as far as it is practicable to do so. It is gener- 
ally recognized that basic streamflow data of good quality are likely to be 
much more consistent than the unitgraphs that are obtained from them. If the 
results of individual studies can be made more comparable, the unitgraph 
method can be more thoroughly explored. The methods outlined in this paper 
are submitted as proposed steps in that direction. The writer believes that 
they can readily be adapted for solution by the electronic digital computer, 
which would greatly facilitate the processing of large quantities of data. 
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SPILLWAY DESIGN FOR PACIFIC NORTHWEST PROJECTS 


Marvin J. Webster,! F. ASCE 


SYNOPSIS 


This paper summarizes the design criteria and characteristics for spill- 
vays in five Pacific Northwest Projects which include Chief Joseph, McNary, 
the Dalles, Detroit, and Cougar. The spillway crests for Chief Joseph and 
fhe Dalles are underdesigned to seventy-five per cent of the maximum heads. 
fiodel studies were used extensively in the design of four of the five spillways 
lescribed in the paper. 


INTRODUCTION 


Hydraulic design criteria and characteristics of spillways for five Pacific 
iorthwest Projects, McNary, Chief Joseph, The Dalles, Detroit, and Cougar, 
re discussed in this paper. These five projects were designed and con- 
tructed, or are being constructed, and are operated by the Corps of Engi- 
eers. All are multiple-purpose projects with maximum heads ranging from 
0.5 ft at The Dalles to approximately 447 ft at Cougar. 

‘During the period of design of these and other Pacific Northwest Projects, 
1¢ Corps of Engineers has attempted to standardize the design of spill- 
ays. (1 Perhaps the most outstanding features in this regard have been the 
eceptance of (1) crests designed for 75 per cent of the maximum head, (2) 
emicircular pier noses, and (3) gate slots with 1 on 12 taper on the down- 
tream side of the slots. 

-Model studies were used extensively in the design of four of the five spill- 
ays discussed in the paper; the spillway for Cougar was not model tested. 
ased on the model studies and other criteria, a number of revisions were 


ote: Discussion open until January 1, 1959. To extend the closing date one month, a 
‘written request must be filed with the Executive Secretary, ASCE, Paper 2129 is 
part of the copyrighted Journal of the Hydraulics Division, Proceedings of the 
American Society of Civil Engineers, Vol. 85, No. HY 8, August, 1959. 

-Chf., Hydr. Design and Lab. Section, J. S. Army Engr. Dist., Portland, 
Corps of Engrs., Portland, Ore. — 
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made to the initial designs of the spillways, resulting in a considerable numb 
of improvements and monetary savings. 


General Description of Projects 


McNary 


The McNary Project is located on the Columbia River between the states 
of Oregon and Washington 292 miles from the Pacific Ocean. Major features 
of the project are a 22-bay spillway, a 14-unit powerhouse, an 86- by 675-ft 
navigation lock, two fish ladders, fish locks, concrete nonoverflow sections, 
and rock-fill abutments. Maximum head on the dam is 92 ft. 


Chief Joseph 


The Chief Joseph Project is located on the Columbia River in the state of 
Washington approximately 546 miles from the mouth of the river. The proje 
consists of a 19-bay spillway, a 20-unit powerhouse (with provision for seve! 
additional units), a concrete nonoverflow section between the spillway and 
powerhouse, and rock-fill abutments. Neither navigation nor fish passage fa 
cilities are provided at the Chief Joseph Project. Maximum head on the dar 
is approximately 169 ft. 


The Dalles 


The Dalles Project is located on the Columbia River 194 miles from its 
mouth. It is situated between the states of Oregon and Washington about 3 
miles upstream from the city of The Dalles, Oregon. Salient features of the 
project are a 23-bay spillway, a 14-unit powerhouse (with provisions for eig! 
additional units), an 86- by 675-ft navigation lock, two fish ladders, a fish 
lock, and a rock-fill closure dam at the left abutment. The maximum head o 
the dam is 90.5 ft. 


Detroit 


Detroit Dam is situated in the Willamette River Basin in the state of 
Oregon. The North Santiam River, on which Detroit Dam is located, is 
subject to low flows from July through October and relatively high flows dur 
ing the balance of the year. The project, located about 35 miles southeast o: 
Salem, Oregon, is a concrete gravity-type structure with a six-bay spillway, 
four flood control conduits through the spillway section, and a two-unit powe 
house. The right spillway bay is equipped for studies on air entrainment in 
high-velocity flow. An 8-ft test conduit is installed in the left concrete _ 
abutment for tests on high-head control valves. The maximum head on the 
dam is approximately 375 ft. 3 


Cougar 


Cougar Dam, also in the Willamette River Basin, is located on the South 
Fork McKenzie River, 4.4 miles above the confluence with the McKenzie _ 
River, and about 42 miles east of Eugene, Oregon. The project will consist 
of a rock-fill dam with a 2-bay, gated spillway at the right abutment and an 
intake structure near the left abutment leading to a flood control outlet tunne 


and a penstock to a 2-unit powerhouse. Maximum head on the dam is 
approximately 447 ft. 
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McNary Spillway 


McNary is a low-head type dam. The spillway consists of twenty-two 50- 
t-wide bays with 10-ft-wide piers. It is designed to pass 2,200,000 cfs with 
| maximum head of 65.5 ft on the spillway crest. The maximum flood of 
-ecord, 1,150,000 cfs in 1894 (adjusted in 1948 to 1,190,000 cfs), will be 
assed with normal pool, Elev. 340. 

Initially the spillway was designed for 24 bays as determined from the dis- 
s-harge equation for broad-crested weirs: 


Q = C (L - Kpni) H3/2 


vhere Q = discharge in cfs 
C =coefficient of discharge of crest without piers 
L =net length of spillway crest exclusive of piers 


Kp = pier contraction coefficient 
n = number of pier contractions 
H_ = total head (includes velocity of approach) 


\ value of K, = 0.040 at maximum or design head of 65.5 ft on the crest was 
ised to determine the required length of spillway, resulting in twenty-four 
10-ft bays. 


tydraulic Model Studies 


Studies in a 1:36 scale model of three bays of the initial design at the 
3onneville Hydraulic Laboratory showed that the pier contraction coefficient 
yas not a constant value, that it varied with the total head on the crest, and 
hat for the airfoil-shaped pier nose it was a much smaller value than the 
).040 used originally. Results of the model tests revealed that the value of 
Sp became negative (-0.0033) at the design head of 65.5 ft which appreciably 
ncreased the discharge per bay beyond that computed in the initial design. 
3y using the model values of Kp (Fig. 4), it was possible to revise the initial 
lesign in one of three ways: - 


a. Reduce the number of spillway bays from 24 to 22. 
b. Lower the maximum pool by 3.6 ft. 
c. Raise the spillway crest by 3.75 ft. 


t was found that reducing the number of spillway bays from 24 to 22 was the 
nost advantageous and economical of the three alternative revisions. 

A section through the spillway is shown in Fig. 1. The spillway crest shape 
vas designed to fit the nappe profile for discharge at the design head of 65.5 
t (2,200,000 cfs at pool Elev. 356.5) in accordance with the Bureau of Recla- 
nation data presented in “Studies of Crests for Overfall Dams”. 2 


‘rest Profile 
” The equation for the downstream portion of the crest profile is 
1.84 = 66.635y. The upstream portion of the crest profile was approximated 


compound curvature. The discharge capacity of the crest was determined 
tthe 1:36-scale model with and without piers for heads that ranged from 25 
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to 75 ft. For the design head of 65.5 ft, a value of 3.85 was determined for ( 
in the general weir formula: 


Q = CLH3/2 


where Q_ = total discharge 
C =an empirical coefficient 
L_ = length of weir 
and H_ = total head (observed head plus velocity head) 


Spillway Gate 


The selection of type of gate for McNary spillway was difficult because il 
was necessary to provide protection for downstream migrating fish (primar 
fingerling salmon) from extreme pressure changes as they pass through the 
spillway. Consideration was given to both radial and vertical-lift gates divi 
ed into two sections so that flow could be passed between the sections durin, 
passage of fish downstream. Serious damage of the crest and piers just doy 
stream from the gate slots had been experienced at Bonneville Dam with _ 
single section vertical-lift gates. Consequently, model tests were made on 
two-section radial gate. The tests showed that with the lower section on se; 
and the upper section raised to pass flow between the sections, flow impinge 
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on the lower gate arms and trunnion supports. As a result, the two-section 
vertical-lift gate shown in Fig. 2 was selected. The gate slots were designed 
with an offset to prevent cavitation damage to the crest and piers like that 
which occurred at Bonneville. Two 24-in. vents were placed in each pier to 
aerate the nappes when flow was passed between the upper and lower gate 
sections. 

_ The shapes of the piers and gate slots are shown in Fig. 3. The 10-ft wide 
and airfoil-shaped pier nose cause a minimum of wave formation and vortex 
action. The upstream emergency gate slots and downstream operating gate 
slots (see Fig. 3) were offset on the downstream edge of the slots 3-3/4 in. 
followed by a 25-in. tapering of the side of the pier to eliminate cavitation. 
Characteristics for McNary spillway, in which values of H are plotted against 
Q, C, and Kp, are shown in Fig. 4. Model studies indicated that square-shaped 
slots developed negative pressures in the same areas in which damage had 
9ecurred in the Bonneville spillway. Pressure studies in the 1:36-scale model 
and in the prototype indicate that cavitation pressures will not occur down- 
stream from the tapered gate slots. 


Prototype Piezometers 


_ A total of 22 piezometers were installed in bay 16 of McNary spillway; 11 
f these piezometers were installed in the crest, 8 were installed in the left 
“er, and 3 were installed in a baffle pier. Pressures were observed with 
rarious spillway gate settings in June and July 1954 by representatives of the 
Walla Walla District.(3) The general pressure conditions at the spillway 
‘rest and piers, with normal pool, were satisfactory for all gate openings in- 
luding free flow over the crest. Good conformity between model and proto- 
ype pressures was obtained for the crest piezometers and fair conformity 
or the pier piezometers. The lowest pressure observed on the crest was 
7 .2 ft of water approximately 30 ft downstream from the gate seal. It 
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occurred with a 44.6-ft head on the crest with an opening of 10 ft under the 
lower section of gate. The lowest pier pressure was -1.7 ft of water with a 
2.0-ft gate opening with the same head. 


Chief Joseph Spillway 


The spillway of Chief Joseph Dam is a concrete, gravity, ogee section wil 

19 bays, 40.0 ft wide, separated by piers 9.0 ft wide. The drop from the cre 
at Eley. 901.5 to the stilling basin floor is 158.5 ft. The spillway is designer 
to pass 1,250,000 cis with a maximum head of 55.4 ft. The flood of record a 
Chief Joseph is 740,000 cfs. Because fish passing facilities were not to be 
provided at Chief Joseph Dam, tainter gates were the only type considered i 
design. » 
>, 


Initial Design 


Initial plans for the spillway provided for 21 bays, 40.0 ft wide, that woul 
pass the design discharge of 1,250,000 cfs under a head of 53.4 ft. Piers, — 


eA 
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).0 ft wide, supported 40.0-ft-wide by 37.9-ft-high tainter gates to control 
20wer pool elevations while passing discharges of 940,000 cfs and less. Thus, 
he gross length of the spillway in the initial design was 1020 ft and the net _ 
length was 840 ft. The spillway shape downstream from the crest was based 
m the equation: x1.77 = 40.52y. The initial design of the spillway is shown 

n Fig. 5. Attention is invited to the shape of the weir upstream from the 
-rest axis and the location of the gate trunnions. Both of these features were 
subject to revision. 


iydraulic Model Studies 


The initial design was studied in a 1:33-scale model of three spillway bays 
na glass flume at the Bonneville Hydraulic Laboratory. (4) Outstanding de- 
sign features subject to revision during the model studies of the 21-bay crest 
ind piers (initial design) included the shape of the weir, the shape of the piers 
ind the location of the gate trunnions. 

Results of the model tests revealed that the spillway design flow of 
250 ,000 cfs could be passed through the 21-bay spillway under a head of 
12.2 ft, whereas the computed value for the required head was 53.4 ft. 
illiptically-shaped pier noses caused turbulent flow down the spillway chute 
luring ungated discharges greater than 800,000 cfs and standing waves that 
vertopped steps on the piers during the spillway design flow. 

Design studies by the Seattle District based on the results of the model 
studies indicated that a net saving of approximately $1,300,000 could be real- 
zed by a reduction of the spillway length. To accomplish this, one gate was 
liminated at each end of the spillway, the crest elevation was lowered 2.0 ft 

lev. 901.5, and the crest was under-designed for 75 per cent of the 
aximum head of 55.4 ft resulting in a design head of 41.6 ft. 
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19-Bay Spillway 


Design features of the 19-bay spillway that were still subject to revision 
depending upon results of the model studies included the shape of the weir, 
stop-log slots, and downstream edges of the piers and the location of the gate 
trunnions. The spillway weir adopted for design, shown in Fig. 6, was tested 
in the model first without piers and later with the piers installed so that the 
values of discharge coefficients and pier contraction coefficients could be 
determined. 

Tests were made with several heads on the weir at approximately 5-ft 
intervals in the lower range and at 1-ft intervals as the maximum head of 
55.4 ft was approached. Coefficients of discharge were then computed from 
the equation, Q = CLH3/2. 

Average values of H and C are plotted in Fig. 7. It will be noted that aver- 
age values of C varied from about 3.15 with a 5.5-ft head on the crest to 3.94 
at the design head of 41.6 ft and increased to approximately 4.09 at the maxi- 
mum head of 55.4 ft. 

Pressures on the spillway crest were nearly atmospheric during the test 
that reproduced a head of 42.1 ft. At a head of 55.0 ft, a pressure of -23 ft 
of water occurred at the piezometer just downstream from the spring point o1 
upstream face of the spillway. Pressures were negative for a distance of 
50 ft downstream from the crest axis as a result of designing the spillway for 
75 per cent of the maximum head. 

Tests in the model with piers were made with several variations of pier 
noses and gate slots in an effort to eliminate the need of armor plating down- 
stream from the gate slots to protect the piers from cavitational damage. 
However, efforts to eliminate cavitational pressures with the maximum desig 
flow of 1,250,000 cfs were unsuccessful and the pier noses and gate slot show 
in Fig. 6 were adopted. Armor plate was not used on the piers. It was 
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considered that it would be more economical to repair the piers in case of 
any damage from high flows of infrequent occurrence. 

Determination of the head-discharge relationships (Fig. 7) that resulted 
during free flow over the adopted design crest with piers permitted compu- 
tation of pier contraction coefficients from the weir equation: 

Q = C (L - Kpni) H3/2. The curve of Kp values plotted against head in Fig. 7 
indicates that pier contraction coefficients were negative at heads in excess 
of approximately 38 ft and decreased to a value of -0.008 at a head of 56 ft. 
This indicated that the discharge per foot of crest was greater with the piers 
installed than without piers at heads in excess of approximately 38 ft because 
of the negative values of the pier coefficient. 

Pressures on the ogee were higher with the piers installed than without 
piers as shown in Fig. 8. Nevertheless, negative pressures existed with piers 
near the pier line with a discharge of 940,000 cfs, which is the minimum un- 
gated flow, and with larger flows. The lowest observed pressure on the ogee, 
which occurred during the design discharge, was -9 ft of water at the piezome- 
ter just downstream from the crest and 1 ft from the edge of the pier. The 
pressure was -5 ft at the corresponding piezometer on the center line of the 
bay for the same discharge. 
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Pressures that existed on the piers during spillway discharges of 1,250,000 
cfs and 940,000 cfs are shown in Fig. 9. Pressures that were sufficiently 
negative to produce possible cavitation were observed adjacent to the stop-log 
slots during design discharge. At the remaining piezometers, pressures 
generally were atmospheric or greater. 


Prototype Tests 


Eighteen piezometers were installed in spillway bay 9 and 5 were installed 
in the left adjacent pier at Chief Joseph Dam. Four pressure cell recesses 
were provided adjacent to four of the piezometers located in the ogee along 
the center line of the bay just downstream from the crest axis. These cells 
will be used to measure instantaneous pressures on the crest and to check 
pressure data obtained from the piezometers. 

Prototype tests to obtain pressure data were conducted by the Waterways 
Experiment Station for the U. S. Army Engineer District, Seattle. Forty-four 
tests were made at Chief Joseph Dam in June and July 1956. Data were ob- 
tained at heads ranging from 0.8 to 1.1 times the design head (41.6 ft) in bay 9 
at full and partial gate openings. Results(5) showed that good correlation ex- 
isted between the model and prototype data and that negative pressures, 
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yroduced when the design head was exceeded, were as indicated by the model. 
rhe results also provide further justification for the use of model studies in 
he design of underdesigned spillways. 

The stability of the spillway must be considered when the crest is designed 
for 75 per cent of the maximum head. However, costs saved in initial con- 
struction more than offset the cost of infrequent repairs resulting from 
lamage due to negative pressures. 


The Dalles Spillway 


The design discharge for The Dalles spillway is 2,290,000 cfs. The size of 
he spillway was determined by the criteria that 1,050,000 cfs, the regulated 
1894 flood of 1,240,000 cfs (flood of record), be passed at a normal pool ele- 
vation of 160 ft, mean sea level. Also that sufficient capacity be provided to 
srevent overtopping of the structures, with a reasonable freeboard remaining, 
wn Occurrence of the spillway design flood. In order that the height of the 
spillway gates should not exceed approximately 40 ft, which was considered 
the maximum height for a single gate by representatives of the various fish 
agencies (for safe passage of fingerling salmon under the gate), the spillway 
srest was set at Elev. 121.0. The width of the spillway bays and piers was 
2stablished as 50 and 10 ft, respectively. 


spillway Design 


The spillway initially was designed with 27 bays. The model studies indi- 
sated that the spillway capacity was about 6 per cent greater than assumed in 
he design computations. This, plus subsequent revisions in design criteria, 
which included redesigning the crest for 75 per cent of the maximum head and 
increasing maximum pool to Elev. 184, resulted in the adoption of a 23-bay 
spillway. The 23-bay spillway will pass the regulated flood of record 
1,050,000 cfs) with normal pool at Elev. 160. 

The spillway crest was designed for a head of 46.0 ft or 75 per cent of the 
maximum computed head of 61.3 ft using a standard crest shape. Details of 
he crest shape are shown in Fig. 10. The maximum head of 61.3 ft includes 
velocity head of approach and results in a required computed energy grade 
ine at Elev. 182.3 just upstream from the spillway for the design discharge 
of 2,290,000 cfs. The upstream face of the spillway is vertical above Elev. 
00 and on a slope of 2 vertical on 1 horizontal below Elev. 100, as required 
‘or structural stability. Upstream from the spillway axis, the crest is formed 
Ny arcs of two circular curves having radii of 23.0 and 9.2 ft; downstream 
‘rom the axis it conforms to the equation, x1.85 = 51.805y. 


spillway Gates 


Control of the discharge ove# the spillway is by tainter gates 50 ft wide by 
10 ft high, measured from crest to top of gates. This provides 2 ft of free- 
oard from the top of a closed gate to normal pool elevation. Although split 
sates were required for fish passage at McNary with a normal head of 49 ft 
yn the spillway crest, a single section radial-type gate was approved for The 
alles with a normal head of 39 ft. During the design of The Dalles spillway, 
ressure studies were made on fingerling salmon at the Bonneville Hydraulic 
meporatory: The studies showed that fingerling salmon could be passed 
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downstream under spillway gates, without injury to the fish, at much higher 
heads than had been considered safe for fish passage prior to the tests. Be- 
cause of economy in original cost and operation, tainter gates are now being 
used in the design of spillways on all new Corps of Engineers projects on the 
Columbia and Snake Rivers. Rating curves for the spillway gates are shown 
in Fig. 11. 


Hydraulic Model Studies 


Details of the upstream nose of the piers and the emergency gate slots are 
shown in Fig. 12. The nose of the piers is in the shape of a 1.7:1 ellipse. Th 
gate slots were designed with a 1 to 12 offset on the downstream side to pre- 
vent cavitation damage. Studies in the 1:36-scale model indicated that all 
pressures on the piers were positive for flows up to 1,050,000 cfs with both 
gated and free flow. A low negative pressure of -17 ft of water was observed 
in the offset downstream from the gate slot and 1.0 ft above the crest with the 
design discharge of 2,290,000 cfs. 

Water-surface and pressure profiles on the spillway crest observed in the 
model with a simulated flow of 2,290,000 cfs are shown in Fig. 13. The lowes 
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pressure observed on the crest, -13 ft of water, was on a piezometer located 
just downstream from the crest center line and 1.0 ft from the pier. This 
conforms closely to the performance of Chief Joseph Spillway, also designed 
for 75 per cent of the maximum head. 

No piezometers were installed in The Dalles spillway for observing proto- 
type pressures. 


Detroit Spillway 


The spillway portion of Detroit Dam is a concrete ogee section with a 
maximum drop of 371 ft from the crest to the stilling basin floor. The spill- 
way is designed to pass a maximum flow of 176,000 cfs. The maximum flood 
of record is about 61,300 cfs. 


Initial Design 

Initially the spillway was designed with four bays 64 ft wide with piers 13 
ft thick. Flow was to be controlled with 28-ft-high tainter gates. The face of 
the spillway downstream from the crest was designed to conform to the 


equation, x2 = 78y. Upstream from the crest, the spillway was shaped to two 
curves with radii of 13.68 and 7.17 ft. 


Adopted Design 


During the course of model studies performed at the Waterways Experi- 
ment Station, (6) revisions were made in design and the number and size of the 
spillway crest gates and the alignment of the ogee section were changed. The 
adopted design has six tainter gates, 42 ft wide by 28 ft high separated by 8.5- 
ft-wide piers. Gross length of the spillway is 294.5 ft. The adopted spillway 
shape, designed for 100 per cent of the maximum head on the crest of 33.0 ft 
and shown in Fig. 14, is based on the equation x1.85 = 36y downstream from 
the crest. Upstream from the crest, the compound curve with radii of 15.0 
and 6.0 ft forms an overhang above the face of the spillway. 

Studies were made in the model to investigate the effect of the overhang. 
Measurements of head-discharge relations, and water-surface and pressure 
profiles showed identical results with and without the area filled below the 
overhang. The similarity of results is attributed to the fact that the overhang 
extends 15 ft below crest level which apparently is far enough to prevent any 
change in flow conditions. 

The semicircular shaped pier nose was selected for the adopted design. 
Since repairs to the spillway gates can be made when the pool is below the 
elevation of the crest, no provision was made for stop logs. Without stop-log 
slots, the semicircular pier nose operates satisfactorily. Model studies with 
the initial design showed slightly higher values for C in the equation 
Q = CLH3/2 for the semicircular pier nose as compared with a streamlined — 
pier nose in the lower range of discharges. However, the value of C was 3.70. 
for both shapes with a discharge of 157,600 cfs. - 

Pressure observations in the model with the adopted design and with maxi- 
mum pool for conditions of free and controlled flow indicated that only slight _ 
negative pressures existed with the gates at partial opening. The maximum ~ 
negative pressure observed on the crest was -1.0 ft of water and occurred for 
a gate opening of 12 ft. With free overflow, pressures in the same area were 
all positive at the maximum discharge. | 
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Cougar Spillway 


The general plan of the Cougar Dam Project is shown in Fig. 15. The spill- 
way is located in a deep, narrow cut around the right abutment of the rock-fill 
dam. Flow from the spillway will be discharged into the quarry area on the 
right bank downstream from the rock-fill dam. 

The discharge capacity of the spillway is computed to be 74,800 cfs with 
maximum pool at Elev. 1699. Maximum design flood is 86,000 cfs. Flow over 
the spillway will occur only during extremely high floods. 

Two 40-ft-wide spillway bays, separated by a 9-ft-wide pier, were selected 
as the minimum number of bays consistent with economical tainter gate size 
and approach channel excavation. The approach channel at the spillway 
structure is at Elev. 1635 (see Fig. 15) to provide a spillway weir height equal 
to approximately one-half the maximum head. The channel continues upstream 
on a gentle curve and with a widening cross section until it intersects the 
natural topography. The floor of the channel is on a one per cent slope for 
drainage. Head losses in this channel have been computed to be 0.6 ft, maxi- 
mum velocity 11 fps, and super-elevation of water surface approximately 1 ft 
for the maximum discharge. 

A section through the spillway crest is shown in Fig. 16. The crest was 
designed for 100 per cent of the maximum head of 41.65 ft. Consideration was 
given to an underdesigned crest of 75 per cent of the maximum head. How- 
ever, it was not economical to lower the approach channel floor to provide a 
weir height greater than the maximum head on the crest. It was believed that 
unless the height of the weir exceeded the maximum head, an underdesigned 
crest might be subject to damaging vibrations from the overfalling nappe. The 
maximum head of 41.65 ft includes velocity of approach, 1.9 ft, and is the 
difference between an energy grade line at Elev. 1698.4, just upstream from 
the spillway for a discharge of 74,800 cfs and crest at Elev. 1656.75. 

The pier nose separating the two spillways is semicircular in shape. Spill- 
way discharge coefficients and pier and abutment coefficients were taken from 
the Engineering Manual.(1) The two tainter gates that will control the flow 
through the spillway are each 40 ft wide by 43.5 ft high with the top of the gates 
at Elev. 1699. 

Spillway rating curves were computed for free overflow and for partial gate 
openings. The rating curve for free overflow was computed from the equation, 
Q= CLL - 2 (nKp + Ka) H] H3/2, using C = 3.93 at maximum head. Values of 
the pier and abutment contractions used were Kp = -0.01 and Kg = 0.12, re- 
spectively, at maximum head. Rating curves for partial-gate openings were 
computed from the equation, Q=CA V 2gh. 
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DIVINING RODS VS. HYDROLOGIC DATA AND RESEARCH2 
Closure by W. B. Langbein 


W. B. LANGBEIN, ! F. ASCE.—The comments by Drs. Chow and Yevdjevich 
are greatly valued; they provide very pertinent amplification of the objectives 
of the paper—a plea for more research and a wider public use of hydrologic 
data. 

As Dr. Chow states, the divining rod like all mystical decision-makers 
“constitutes indeed a stumbling block to the progress of technology and to the 
development of any scientific program.” 

The writer heartily endorses Dr. Yevdjevich’s appeal for greater efficiency 
in hydrologic research and his observation that the collection of hydrologic 
data today should anticipate water-resources development two or three decades 
hence. 

Growing awareness of these principles is leading toward good progress in 
improving the basic-data programs and in stimulating research. The outlook 
appears bright. ; 

I think Mr. Dittbrenner, a professed hydraulic engineer-dowser, missed the 
significance of my query “can we be scientific about witchery?” He wrongly 
imputes to me a negative answer to this question. On the contrary, I made 
clear that a scientific approach to witching is possible even though perhaps 
leads along a different course from the kinds of explanations Mr. Dittbrenner 
has in mind. A book published since the writing of my article (“Water- 
witching, U.S.A.”, by E. Z. Vogt and Ray Hyman, Univ. of Chic. Press, 1959) 
provides excellent evidence of the conditions motivating the use of the divining 
rod. The evidence presented shows that water witching prevails as a ritual 
practiced in the face of anxiety, and uncertainty. 


a. Proc. Paper 1809, October, 1958, by W. A. Langbein. 
a. Hydr. Engr., U. S. Geological Survey, Washington 25, D. C. 
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QUEUING THEORY AND WATER STORAGE? 


Closure by W. B. Langbein 


Ww. B. LANGBEI, F. ASCE.—Mr. B. W. Gould’s analysis of the reservoir 
problem where discharge is a linear function of the storage on hand-shows 
different results depending on what boundary conditions are taken for the rout- 
ing equation. However, only one case meets the conditions in usual practice 
and that is the one given in the paper. 

In brief, Mr. Gould presents three cases for which the routing equations 
used to develop the equation of storage are as follows: 


Case I (as given in original paper) 


k 1 
Dx = Tye Ix + Tyg Dx-1 


In this case, the discharge in time interval x is a weighted average of the 
contemporaneous inflow and the discharge in the preceding interval. This is 
a feasible form of regulation. No forecasts are involved. Mr. Gould’s remark 
“This type of control would be difficult to achieve in practice” seems rather 
strained in view of the simplicity of this equation. One may assert the 
contrary. 


Case I 


2k 1 
Ds = 9c 5 + Soe Dx- -1 


In case II the discharge at time x is a weighted average of the inflow one- 
half unit of time before x, and the discharge one unit of time before x. 


Case II 
D, = kIy-1 + (1-k) Dx-1 


In case III the discharge from the reservoir at time x is a weighted average 
of the inflow to and the discharge from the reservoir in the time interval 
preceding period x. 

Case I is expressed in terms of the concurrent inflow, case II in terms of 
inflow one-half interval previous, and case II, one full interval previous. 

__ It should be noted that the values of k for these three conditions also differ. 
For case I, k is any value greater than 0; for case II, k cannot exceed 2; for 
= Proc. Paper 1811, October, 1958, by W. B. Langbein. 

.. Hydr. Engr., U. S. Geological Survey, Washington, pic 
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COEFFICIENT OF CORRELATION 


Effect of forecast of inflow one time unit ahead, 
in reducing variability of discharge. 


case III, k cannot exceed 1. There appear to be no physical reason why values 
of k are so limited. Moreover, for these indicated limiting values of k, the 
variability of the discharges equals that of the inflow, a condition for which no 
storage should be needed. Yet the equations for cases II and III show that 
storage is needed when k equals 2 and 1, respectively. No storage is indicatec 
for case I when k is infinity. The reason that storage is needed for cases II 
and III even though the discharges equal the outflows is that the discharges aré 
delayed one-half time interval for case II and a full time interval for case III. 
One might picture a storage reservoir in which this year’s discharge is 
made successively equal to the preceding year’s inflow; the time advantage 
might afford opportunity for planning, but, in general, such a plan must be con 
sidered trivial in practice. In this mathematical model there is no increase — 
in the minimum flow, nor decapitation of floods. ae 
The case offered in the original article appears to be the only practical one 
and indeed those mentioned by Gould were originally considered and rejected. 
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However, these original exercises did produce one result not presented but 
which might be mentioned here. It may be noted that for a given rate of regu- 
lated flow, b, storage requirement is least for case I, and greatest for case 
Ii]. Cases II and III are related to inflows going backward in time. But sup- 
pose there are forecasts providing information about inflows in prospect. 
Would this information increase the value of the minimum regulated flow or 
alternately decrease the amount of storage? 

To answer this question, a plan of operation was assumed such that the dis- 
charge at any time is a linear function of the inflow in prospect during the 
next interval ahead, as well as the current inflow and the storage on hand. It 
was further assumed that the inflow in prospect can be weighted in accord with 
the coefficient of correlation. ‘i 

The attached illustration shows the results for increasing values of the 
correlation coefficient of the forecast. 

The abscissa is the coefficient of correlation of the forecast; the ordinate 
is the standard deviation of the discharges in ratio to the standard deviation 
of the inflows. It is desired that the variability of the discharges be a mini- 
mum. Several curves are shown each for different values of k. The lower the 
value of k, the greater the “carry-over” period of the reservoir. The graphs 
show clearly that the smaller the reservoir, the greater is the significance of 
forecasts of the inflow for one time unit ahead. For larger reservoirs the 
utility of such short-term forecasts becomes less, and indeed there is the 
possibility that using such information in the scheme of regulation as de- 
scribed might actually vitiate the uniformity of discharges from a long-period 
reservoir. One might add that to be useful, the longer the detention period, 
the farther ahead the forecasts must be. 
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INTERIM CONSIDERATION OF THE COLUMBIA RIVER ENTRANCE2 
Discussion by R. E. Hickson 


R. E. HICKSON, ! F. ASCE.—This paper presents much data as to con- 
ditions at the mouth of the Columbia, past and present, as obtained from hydro- 
graphic surveys extending over a long period of years, the records of dredg- 
ing, jetty construction, current surveys, etc. Much can be gained by a study 
of these data. There are, however, differences of opinion as to the influences 
and forces which have caused the changes that have taken place. Some of the 
forces and combinations of forces which are continually at work are not readi- 
ly susceptible of measurement. 

The author expresses his views as to causes and effect of some of the 
changes and adverse conditions presently obtaining, and also presents a plan 
of action to secure additional data as to currents, salinity, etc. This addition- 
al information will serve as a check on and add to the material presently 
available, much of which was presented to the Chief of Engineers in Current 
Survey report of 1932-33. 

In this paper there will be presented a discussion of several of the 
statements of the author with which the writer does not agree. It is hoped this 
will tend to clarify our thinking in regard to channel improvements and 
maintenance, and result in a fuller understanding of the situation at mouth of 
the Columbia. 

Near the middle of page 33 (Paper 1902) the author states: “Examination 
of these (condition) surveys reveals that greater than project depths prevailed 
since the beginning of improvement through a natural channel with length 
ranging from 4 to 7 miles, lying just inside the bar (and) between Clatsop Spit 
and Sand Island.” This is entirely correct, and this exceptionally good channel 
prevailed for about 16 years (1916 to 1932) including the year 1927 which the 
author shows on his Fig. 3. It should be stated, however, that during this 
period, and before, the position of the channel was gradually shifting to the 
north due to erosion of the north bank in the bend. This erosion cut away a 
large sand bar, Peacock Spit, extending about 5000' to the south of Cape Disap- 
pointment, part of which bar was dry in 1920. Erosion there increased depths 
by 20 to 30' by 1951. Reference to sections I-I and II-H, and charts A and B 
herewith, shows shift of the channel to the north. From a longer range stand- 
point, say over a period of 60 years (1879 to 1939), the south shore of Sand 
Island moved north about 5300 feet. 

The author apparently thinks the shifting of the channel was due entirely to 
building of Clatsop Spit on the south side of the channel, from littoral drift and 


a. Proc. Paper 1902, January, 1959, by John B. Lockett. 
1. Head Engr., Corps of Engrs., Portland Ore. Dist., Retired; formerly 
- member of Committee on Tidal Hydraulics. 
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density current deposits, but says near the bottom of page 20: “It is interest- 
ing to note that for the first time, depths in excess of 40 feet prevailed along 
the channel side of the North Jetty.” This increase in depth was, of course, 
due to scour in the bend on the north side of the channel referred to above, 
which is the characteristic history of all streams with curved alignment. (For 
movement here 1903 to 1921 see Military Engineer July-Aug. 1922 p. 211 et 

seq.) If the north bank (in the bend) as located in, say 1920, had been composed 
of rock or was protected from erosion, the channel could not have shifted, 
velocities would have been maintained at the high figure necessary for mainte- 
nance of the good channel section obtaining at that time, and the shoal on the 
south side, now giving trouble, could not have been formed. 

The present channel at this point is badly out of alignment and the shoal 
will probably persist on the south side until the alignment of 1916-32 is ap- 
proached, and shifting into the bend is prevented by control works. Such con- 
trol has been effected along Sand Island and in the vicinity of Jetty A, with 
complete success. (Chart A and B.) 

_ The author lays considerable stress on littoral and density currents as 
probable causes of the shoal at Clatsop Spit. It may properly be pointed out, 
however, that the same littoral and density currents, whatever their effects 
may be, prevailed in general in the years 1916 to 1932 as exist today. Still the 
channel was in excellent condition through all that period, although gradually 
shifting to the north. . 

_ The existence of density currents in this vicinity has been known since time 
of the early lead line surveys, and were definitely found during the current 
survey of 1932. At the Columbia entrance, however, density currents as such 
are evident for only about 1-1/2 hours at first of the flood tide, after which the 
currents are all upstream (flood) from surface to bottom and maximum veloci- 
ties are at about 1/3 depth at strength of the flood, rather than on the bottom. 
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(See charts in current survey, 1932.) The tip of the salt water wedge is not 
well defined and moves upstream with the tide probably for a distance of 10 tc 
15 miles. It certainly is not at the location of dredging on Clatsop Spit except 
perhaps for a very short time on each tide. Salinity measurements through a 
tide cycle show that most of the salt water is washed out by each ebb tide. 
(See Fig. 3) However, it appears to the writer that it matters little in this 
case whether the water is salt or fresh so far as maintenance of depths is 
concerned. The controlling factors are the strength, direction and duration 0: 
bottom velocities. 

It is not agreed that littoral currents are from the north, as there is much 
local evidence to the contrary. It is probable, as has been held by authorities 
that direction of the littoral current in this vicinity changes seasonally with 
that of the prevailing winds. It is generally known that navigation buoys whicl 
break loose in the Columbia River are picked up on the north beach. Columbi 
River winter drift also travels north. There is also the case of a boy drowne 
in Rogue River (southern Oregon in February), whose body was found on 
Tillamook beach, 250 miles north after a period of 10 days. The accumulatio 
of sand outside the north jetty is not necessarily proof of a southerly drift. 
There are other reasons for the deposit. 

On page 37 in the second paragraph it is stated: “. . . A portion of this 
(littoral) material may be carried through the entrance by flood tides and 
waves and deposited so as not to be removed by ebb tides ...” Any quantity 
of material which is brought in must be passed out to sea again, as well as 
the large volume of material continually being brought down from up river. 
Otherwise the bay would soon (geologically speaking) be filled. The ebb tide 
is the controlling influence, and will keep the channel open. Temporary de- 
posits of littoral material and a shifting of material may take place, but 
eventually all goes to sea—if not the identical material which came in, then at 
least other material in comparable amount, so that inside the harbor a practi 
cal balance is maintained. Attention is here invited to the fact that since 188! 
the outer 40 foot contour has advanced nearly 2 miles into the sea. (See Chaz 
A.) This advance effected by the ebb flow from the river under control of the 
jetties, shows the tremendous volume of material discharged by the river. 
This is a continuing movement. 

At the bottom of page 36 and first paragraph on page 37, reference is mad 
to the Current Survey of 1932, and a “reanalysis” of some of the findings of 
that survey. The statements that the bottom velocities at low and intermedia’ 
river stages for ebb and flood are essentially in balance is in accord with the 
observations made during that survey. But this certainly is not the case at 
high river stages for any part of the time. Fig. 1 herewith, which has been 
prepared from curves and data on plates XI, XVII and XXV of the Current 
Survey of 1932, shows the relation of flood and ebb bottom (9/10 depth) veloci 
ties at low, intermediate, and high river stages. The great preponderance of 
ebb velocities at high river stage is very evident. The flood bottom velocity 
varies practically on a straight line relation, but inversely as to the river 
stage, as might be expected. Over 5600 individual current meter observatior 
at 5 boat stations, were taken during the 1932 survey, at three different rive1 
stages, so the data secured can be accepted as reliable. (See Fig. 2 showing 
some velocity curves for high river stage.) 

Considering only bottom velocities in excess of 0.6 fps does not change th 
conclusion that the ebb velocities are predominant. Table A, for which figur 
have been taken from Charts III A, B and C, shows the relative duration of — 
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bottom flood and ebb velocities above 0.6 fps at the three river stages. Con- 
Sidering velocities in excess of 1.5 fps, the ebb is even more predominant. 

The eroding and transporting power of flowing water (the shear stress) 
varies with some power of the bottom velocity. Authorities are not entirely 
agreed as to which power of the velocity applies, but it is probably in excess 
of the second. Using the square of the velocity as a conservative figure, the 
scouring action at high flood stages becomes very potent, so that even though 
the higher velocities may prevail for only a small part of the time, their over- 
all effect (in this case) is still predominant. 

Table B has been prepared to show the effect of squaring the bottom veloci- 
ty, and then weighting for the duration on an annual basis to cover all river 
stages. In this computation and tabulation the bottom velocity Vp has arbitrar- 
ily been taken as half (1/2) that measured at 9/10 depth. 

At the bottom of page 37 the author expresses doubt as to the effectiveness 
of the proposed jetty “B”, stating that *. . . considering the jetty structure as 
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a contraction work whose greatest effectiveness would occur during the high 
flow period, it is doubted that jetty “B” would be instrumental in reducing or 
affecting to any material degree heavy shoaling such as occurred during the 
relatively low-flow periods of the winters of 1956-57 and 57-58...” This is 
not considered to be sound reasoning. 

It is agreed the effect will be more pronounced during periods of high river 
flow, but this does not mean that beneficial effects would not also be realized 
at low river stages. V = Q/A, and since an increase in V and the bottom shea1 
stress is needed a (large) reduction of the total area now available for ebb 
flow in the bend would result in higher values of V in the channel and over 
Clatsop Spit at all river stages. The critical velocity necessary for mainte- 
nance could thus be attained as is evident for the channel in the vicinity of 
Jetty “A” (Chart B). It should be noted also that the average rate of discharge 
is only about 11.3% greater during high than low river stage. (Author’s 
Table 2.) Discharge of the tidal prism constitutes the major part of flow at 
any stage of river. 

There are certain critical velocities necessary to prevent deposits, and the 
shoaling in the channel during the winters referred to by the author is due to 
the slightly lower velocities at the winter low stage of the river, combined 
with heavy wave action, etc. Increasing the velocities at low stage along the_ ; 
edge and on top of Clatsop Spit by control works in the bend would tend to re- 
store the good alignment which existed from 1916 to 1932, when there was a _ 
sand bar in the location of the proposed jetty “B”. Construction of jetty “A” __ 
in 1939 (see Chart B) stabilized the channel at that point, caused a widening to 
the south (800') and presently maintains depths in excess of 50' for a distance 
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Table A 


Percentages of Time Bottom Velocities (at 9/10 Depth) Exceed -6 Foot per Second 
(Average of 5 stations) 


River Boat Flood Ebb % of Time .6 vel. favors 
Stage Station Ebb Flood 

Hi gt A 33-5 51.0 
we B 385 47.0 
Cc 35.0 51.5 
D 35.0 52.0 
E 35-5 55-3 

Average 35.5% 51.4% 16.9% 
Intermediate A 37-5 43.5 
B 42.5 42.5 
c 42.0 45.5 
D 38.5 43.5 
3 43.0 45.5 

Average 0.7 psrarey 4 3.3% 
Low A 46.5 kh AS 
B 45.5 L6.5 
c 47.5 41.5 
D 47.5 36.5 
45.0 48.0 

Average BEE BBE 3.0% 

Table A. 


Weighting above time values of velocities above -6 fps for approximate annual 
duration of each river stage: 


Stage Duration Weighted values Total Annual 
of Months per Ebb & Flood Relative Time Values 
River Annum Ebb Flood 
High 13 16.9x15 25.3 mb ) 
Intermediate 6 3.3x6 19.8 Bd ) &5.2 
Low RE 3.0 x be 13.5 Fld 13-5 


Annual Duration Ratio of Ebb to Flood 
for bottom velocities above .6 fps is 33k = 2 
for velocities above 1.5 fps ratio becomes 4.54 : 1 


of over a mile downstream. If the ebb flow is kept out of the bend, west of 
jetty “A”, it will scour a way for itself where it will be beneficial. This is 
the way a stream works, as has been proved many times and at many places. 
The author’s Table 1 is a good record of dredging and estimated scour and 
fill over a period of 2 years. This table shows a definite shoaling during the 
winter months when dredging cannot be done. This winter shoaling after the 
dredging season has been recognized for years, and presents the unsatisfacto: 
situation that full depths, even though obtained by dredging in the summer, ar 
not available to shipping in the winter months, when most needed. 3 
The solution very evidently is to stabilize the north bank alignment, and 2 
the same time reduce the sectional area so that ebb velocities and bottom 
shear stresses will be increased to those necessary for maintenance of 
channel depths, even in the winter season when flows are at a minimum. g 
With reference to the three questions posed by the author near the top of 
page 38, it is thought answers can be found in the preceding discussion. ¥ 
Under “Plan of Action” for obtaining additional information, it appears tha 
the taking of “. . . observations of current direction and velocity for a contim 
ous full tidal period of about 25 hours . tipinmlenrrice mit ii. 
ditions. ‘Tidal conditions and ranges change from day to day, and sery 
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Table B 


Comparison of Competence -- Ebb and Flood Bottom Velocities 


Velocities, Vp» taken as 4 those observed at 9/10 depth; 
Tractive force taken as varying with (Vp) ; 
Values weighted for Duration of River Stage. 


EEE 


40% of total time for each, Ebb and Flood* 


Effective 
Weight Ratio 
Tide & Stage v;,, (#) Vp- Duration Product Sum E:F 
EOE a RS ead ES ER Se Se Se Te 
EBB 
Low 0.45 -202 45 -909 
Intermediate 0.46 .212 6.0 Tee fe. } es 937 
High Ong 504 1.5 75 
1.40 
FLOOD 
Low 0.55 .302 4.5 1.358 ) 
Intermediate 0.35 .122 6.0 (32). 2aiss5 
High 0.10 -010 5 015 


*40% of time is used as this is the maximum percentage for which the 
flood always shows positive values. (See charts III A, B, C.) 


#V, in this colum are 3 values shown by curves for 40% of time on Fig. 1 


should be continued at least long enough to cover both spring and neap tide 
conditions, at least a week. 

This discussion could be extended to greater length, as there is still much 
to be said. Briefly stated, it is evident that the total sectional area at Clatsop 
Spit shoal is too large, and that alignment of the deepest water is too far to 
the north where it is not available for safe ship navigation. Suitable reduction 
of the sectional area from the north side would increase the velocities at 
Clatsop Spit to or above the critical values necessary for maintenance, and at 
the same time rectify the alignment. Past experience and study of hydro- 
graphic surveys extending over a long period of years indicate the solution. 
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APPLICATION OF SNOW HYDROLOGY TO THE COLUMBIA BASIN@ 


Discussion by David H. Miller 


DAVID H. MILLER.!—The Columbia River is one of the largest snow-fed 
rivers in the world, and its hydrology has been studied by many investigators. 
The problems in its large and diverse basin illustrate important aspects of 
the growing field of snow hydrology, a field with which the writer has been 
intermittently associated since 1942. The writer has worked both on basic 
studies and on applications, and so is interested to see how the results of the 
snow program, a long-range comprehensive effort, are now being applied in 
the Columbia Basin. 

He finds that while the last quarter of the paper gives a glimpse of some 
applications, most of it is a tour of the program itself. It touches on some 
highlights of a 400-page summary report, “Snow Hydrology,” which was pre- 
pared by an editorial committee (F. F. Snyder, W. L. D. Bottorf, and D. M. 
Rockwood, chairman) of men who had had responsibility for the Engineers’ 
part of the program. This summary report condenses some 50 or 60 research 
reports that appeared over the names of 30 or 35 hydrologists and meteorolo- 
gists during the decade; and so the paper by Johnson and Boyer is twice re- 
moved from the originals, which it nowhere refers to. The writer is con- 
cerned with how well the paper conveys the work and results of the program, 
which was a large, complex and wide-range interdisciplinary research effort, 
and in his view an extremely successful one. He also hopes that discussion 
will make the program’s results even more useful to other hydrologists. The 
discussion deals with four areas: water balance, heat balance, observations, 
and end-products. 

The concept of water balance, an effective way to organize a college course 
in hydrology, is also a powerful investigative method, pin-pointing processes, 
such as interception and evapotranspiration, that need further study. Early in 

their paper, the authors present the water balance in generalized terms, and 
near the end review its application to forecasting runoff of the North Santiam 
River. The early section is familiar material, which could have been replaced 
by a longer discussion of the North Santiam case, which has more value, 1) 

In the writer’s opinion, the water-balance approach will in time be widely 
applied to forecasting volume of stream flow from melting snow, and should 
replace the index methods now used, which have changed relatively little since 
the days of the great innovators in snow hydrology—Church, Clyde, Boardman 
and others, nearly thirty years ago. 

_ However, one modification in index methods may be noted as having at least | 
: interim usefulness. This is based on the relation of winter runoff from low- 
< 
i a. Proc. Paper 1904, January, 1959, by Oliver A. Johnson and Peter B. Boyer. 
: 1. Berkeley, Calif. 
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altitude basins west of the Cascades and some meteorological variables, to 
spring runoff from high-altitude basins to the east.(2) This work, noted by the 
authors without numerical material, shows the intricate interconnections 
among natural phenomena that lend attraction to the study of hydrology and 
hydrometeorology. 

An unusual point in the water balance of heavily forested basins of the 
Cascades is worth mention. As given in “Snow Hydrology,” Table 4-4, inter- 
ception of precipitation at Willamette Basin Snow Laboratory, not far from 
the North Santiam basin, was about 18 inches per year, or 14 per cent of the 
precipitation. Deficiency of catch of the precipitation gages in this experi- 
mental basin is estimated(3) in two successive years as 14 and 17 per cent. 
The bias caused by unrepresentative location of gages is thus nearly compen- 
sated by an opposite bias caused by inadequacies of the gage itself. This is 
an enviable situation, though it doesn’t quite bear out the author’s statement 
(page 75) that in the North Santiam basin interception is “small compared to 
the total rainfall...” 

The section on liquid water in the snow pack (pages 72-74) would carry 
more weight if it gave real illustrations from the Columbia Basin instead of 
hypothetical cases; otherwise the discussion adds little to work already pre- 
sented by Gerdel(4) and others. 

The heat-balance concept is discussed at length by the authors, because a 
principal result of the snow program was the demonstration that the findings 
of glaciologists can be applied, without intervention of adjustments, cor- 
rections, or “fudge” coefficients, to hydrology of snow when the physical en- 
vironment of the snow is considered. The differences, for example, between 
physical geography of a cloudy, barren plateau in Spitsbergen and of a sunny, 
rugged, partly forested basin in the Cordillera can be measured and their 
influences on melting rate specified. Snyder(5) shows the value of the heat 
balance in organizing problems of snow-melt runoff, and others(6) show the 
precision it affords in its ability to specify hourly variation in stream flow 
from hourly weather observations. 

For heat-balance studies, short-wave radiation was routinely observed at 
two of the snow laboratories, but long-wave radiation could not be observed 
until the Gier=Dunkle radiometer was available. Thus an early paper by the 
writer\7) presents a heat balance in which long-wave radiation is somewhat 
over-estimated, although the amount after revision is still the equivalent of 
0.9 inch of snow melt in a day. 

The downward current of long-wave radiation is complex, and Eq. (7) may 
appear over-simplified. The reason it works even approximately lies in the 
vertical distribution of water vapor in the atmosphere; in mountain regions 
during clear weather most of the vapor lies near the earth’s surface in the 
concavities of a drainage basin. It emits a large fraction of the total downwar 
flux of energy in the long wave-lengths, in proportion to its temperature, whic! 
is indicated by the temperature term in Eq. (7). 

In the example (page 78) from the Boise River basin, the authors state that 
long-wave radiation is included in a term of Eq. (38), but it is not clear 
whether it should be computed as in Eq. (7) or in some other way. S 

Determining the amount of heat the snow receives by absorbing short-wave 
radiation requires knowing the value of the snow’s albedo (a word now made ~ 
familiar by the weather satellites). As the snow weathers, its albedo decreas: 
es—one of the variations that makes snow hydrology more complex perhaps 
than bare-ground hydrology. This decrease is obviously not a result of mere 
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passage of time, but of physical changes within the snow; the curves in Fig. 1 
on page 70, taken from a paper by the writer, 8) should be used in combination 
with qualifying data, which are given with the curves in a later work. (9) A 
hydrologist can then estimate albedo values appropriate to the particular 
situation. 

In Eq. (12) and others, it is not clear why the levels of ten and fifty feet 
above the snow surface were chosen as standard. They are not usual heights 
for meteorological observations; in fact, in a forested basin, fifty feet would 
be within the crown zone. 

Between the series of equations that give melting rates for each mode of 
heat transfer, Eqs. (16), (17), and (18), and the following series that give melt- 
ing rates in basins of various degrees of forest cover, there seems to be 
something missing. Except under unusual conditions, values computed by the 
first series for a heavily forested basin (F equal to unity) and clear skies 
(N zero), do not agree with those computed from Eq. (19). Data from the peri- 
od 9-13 May 1949 in Willamette Snow Laboratory(10) were taken as typical of 
a clear-weather period: air temperature 60 degrees and dewpoint 46 degrees; 
the factor for wind exposure (k) not discussed by the authors, was taken as the 
value at bottom of page 69, 0.3. The two sets of equations are consistent if 
wind speed at fifty feet above the snow averages around twenty miles per hour, 
an uncommon clear-weather situation, especially with low wind speeds aloft. 
Further discussion by the authors of the steps by which Eqs. (19) to (22) were 
derived would be appreciated; the term ‘statistical analysis’ may mean almost 
anything. 

In applying heat-budget formulas, it is convenient to divide a basin into 
“areas of homogeneous heat supply” as the authors call them, or landscape 
segments or facets, as physical geographers might call them. Each element 
of the physical geography of a basin operates differently on each channel of 
heat flow, and quantitative evaluation of each channel is necessary if the in- 
vestigator is to achieve a complete view of what is happening. The heat- 
balance concept provides a framework for this study; in plot (or ‘lysimeter’) 
observations,({11) the processes are kept as uncomplicated as possible. There- 
after it is possible to investigate how topography and vegetation affects them. 
Finally, it becomes possible to take short-cuts with assurance, and to develop 
whatever labor-saving graphical and computing procedures are desired. 

The advantage of the heat-balance concept is its flexibility. It isa frame- 
work within which the influences of topography, synoptic weather patterns, 
and vegetation can be analyzed; for example, the differing effects of forest on 
melting rates. If the reader takes Eqs. (22), (21), (20), and (19) in that order, 
he goes from an open basin to a forested one, and the heat-flow equations be- 
come more simple. (While these equations are only “typical” and presumably 
not for direct application, they can be assumed to be consistent among them- 
selves.) First to drop out is the term for cloudiness (N), then other terms re- 
lated to solar radiation: intensity (I;); snow albedo (a); a slope factor (k'); 
and even a forest term (F). In densest forest, the terms for wind speed (V or 
vy), and wind exposure (k) disappear. Open forest acts as a screen against 
short-wave radiation; a dense forest acts also as a mechanical insulator of 


_ the snow. 


The forest canopy converts solar radiation, which in western mountains is 
a primary energy source, into long-wave radiation, sensible heat, and latent 
‘heat. In these forms energy is delivered to the snow at rates that are related 
to temperature and dewpoint of the air in the trunk space, as reservoir outflow 
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is indicated by stage in the outlet channel. The hydrologic significance of 
these thermodynamic processes in forest became plain during the course of 
the snow program, as investigators were led by experience with observations 
from the laboratory basins into new lines of scientific inquiry.(12) Long-wave 
radiation from forest canopy, being invisible, is not always recognized as im- 
portant; this is part of a larger pattern of neglect of radiation in meteorology, 
which is gradually being rectified. Reports of individuals in the snow program, 
including those cited, demonstrate the role of long-wave radiation in the hydro- 
logic scheme of things, and show some ways of assessing the influence of 
forests on the heat balance. 

A caution may be noted about the term F, which first appears in Eq. (16). 
This is not the usual expression of canopy closure or vertical projectional 
area of the tree crowns, but a kind of slant shading, involving depth of crowns 
as well as horizontal extent, which the authors do not tell us how to calculate. 

Observations requisite to applying the water-balance and heat-balance 
methods to basin hydrology are mentioned by the authors, who stress their 
recommendation by including it in the synopsis. The writer would like to add 
emphasis by discussing certain elements. 

Extent of snow cover in a basin and its areal distribution are often not 
known. The authors mention extent in Eq. (30) but without comment on how the 
reader might derive this figure. The usual extrapolation of observations of 
snow on the ground made at a few climatological stations and snow courses, 
sometimes in unrepresentative terrain, into the high parts of a basin, is often 
recognized as inadequate. (13) The snow program studied snow-cover distri- 
bution in relation to terrain, ablation, and runoff(14) and around the same time, 
field offices of the Engineers began aerial reconnaissance of snow cover, an 
activity that continues.(15) These observations give hydrologists, for the first 
time, a definite figure on the fraction of a rugged watershed that is under 
snow. For historical flood studies or for design floods, the new observations 
can serve as basis for determining relations between extent of snow cover and 
accumulated runoff; however, the writer feels that relations he published in 
1953 (Note 14) should be re-examined as more data from large basins become 
available. 

As was mentioned, radiation observations figured in the snow program 
from its start, and soon proved their value. The Boise Basin study that the 
authors summarize on page 78 illustrates the role of short-wave and long- 
wave radiation in an open, sunny basin typical of the Rockies and the Inter- 
mountain region. They recommend that more stations be installed in mountain 
watersheds, a step that may require different instruments than those now in 
use. When, a few years ago, the Weather Bureau at considerable expense en- 
larged its network of short-wave radiation stations, it remained virtually con- 
fined to settled areas where the costly recording equipment could be cared for. 
Most of the data we now have from mountain areas were taken by the snow 
program in California and Montana, and the Bureau of Reclamation in 
Colorado. It is hoped that inexpensive integrating instruments will be de- 
veloped, perhaps hooked up to radio-reporting equipment, as the radio-isotope 
snow gages are. ~ 

Long-wave radiation observations are, if anything, more sparse. There 
are few stations, mountain or lowland, at which this element is regularly ob- — 
served in the United States—probably fewer than in Antarctica during the IGY. 
Once instrument problems are overcome, however, long-wave as well as > 
short-wave radiation equipment should be quickly installed in every basin 
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yielding significant runoff from snow melting. Growth of such a network might 
parallel the spread of recording precipitation gages when rain hydrology need- 
ed them in the late 1930’s. 

The lack of radiation observations may be made up, to a degree, by taking 
advantage of the twice-daily maps of upper-air conditions, which extend, more 
or less generalized, over all the high basins. Flow patterns aloft have been 
shown to be associated with cloudiness and with the radiation components of 
the heat balance.(16) In conjunction with values of temperature and humidity 
aloft, these patterns may serve in reconstructions of the heat balance of snow 
in mountain basins. 

With respect to records of stream flow, the last sentence of the fourth 
paragraph of page 75 speaks eloquently for itself. ‘Action’ agencies should 
realize that a damaged record affects not only a few research men, but also 
the operation of the reservoir after the dam is built. 

The snow program was a testing ground for all kinds of instruments and 
elements of possible hydrologic significance. Each could be tried out ona 
small scale, and its relations to hydrologic processes investigated, a contri- 
bution of the program that included more than the elements of snow cover and 
radiation the writer has discussed in detail. 

End-products of the snow program in the form of data have been published 
as yearly logs (as cited in Note 10). The large number of careful observations 
made by laboratory men in all kinds of weather and terrain resulted in a body 
of data characterized by unusually high station density, close coverage in time, 
and a good roster of elements; this body of data, after checking, was published 
in unusual fullness, along with auxiliary information on sites and conditions 
of observation. The fifteen logs have been useful in much later research, of 
which may be mentioned a study on precipitation measurements, (17) an analy- 
sis of snow-course measurements in relation to shading effects, 18) and parts - 
of a study supported by the National Science Foundation on the joint processes 
that create a mountain climate. (19) Increasing use will no doubt continue to 
be made of this valuable collection of data. 

End-products in the form of analyses have not been so fully presented. 
However, before discussing the problem of applying results of large investi- 
gational programs, we should distinguish between research reports and engi- 
neering reports of survey, say for a dam on the Zilch River. The usual survey 
report is important at the time it is written, but in a few years the dam is 
built or some other solution found, and the report becomes obsolete. A re- 
search report, on the other hand, stays valid a long time, because hydrologic 
problems recur, and it has worldwide appeal, because hydrologic problems 
are no respecters of boundaries. The Zilch River may produce floods affect- 
ing thousands of people, so that a survey report has great impact; a research 
report directly affects only a few men here and there, who are trying to under- 
stand why their basins behave as they do—but through them its indirect effect 


“may be incalculable. The two kinds of reports differ, not in importance, but 


in permanence and in value beyond the immediate neighborhood or river valley. 
To get research results into use, the scientific community has developed ma- 
chinery that preserves the results of investigations permanently and dissemi- 


“nates them outside the locality. This machinery is the open literature, so- 


ie aE 


Bee = 5 


Called, exemplified by journals like the Proceedings of the ASCE. Another 
product of this machinery is the assurance that impartial observers will check 
methods and results, a matter of interest to the people paying the bill as well 
as to the research man himself. 
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The permanent record contains only a fraction of the results of the snow 
program. Contemporary sketches of the program are found in reports of the 
Committee on Snow of the American Geophysical Union, 20) but these are 
brief. “Saow Hydrology” summarizes many analyses, and contains some ma- 
terial not published in research reports; but it cannot show, in each man’s 
own words, what observations he used, what steps he took, what assumptions 
he made, how he derived his results, and how he checked and compared them. 
In restricted space it does an excellent job, is well illustrated, a convenient 
reference work, and good for teaching, but it is meant to be a summary and 
does not try to replace individual original papers. Yet the writer estimates 
that of the fifty or sixty research reports of the program, only a dozen or a 
dozen and a half substantive papers on specific problems have entered the 
literature. 

Here is the problem of an ad hoc investigatior, that is, a group set up to do 
a single task, then disband. When it disbands, its members follow their re- 
search callings elsewhere, or go into other work in the sponsoring agency. 
Either way, they find it a burden, as the writer himself does, to write up their 
work in publishable form, and many results, including ideas not yet on paper, 
never have a chance to enter the permanent record. 

How is this question handled by other groups, say expeditions? Ideally, the 
staff is not dispersed when it returns home, but works for several years pre- 
paring material for publication in journals of scientific societies or institu- 
tions. For example, the work of H. U. Sverdrup and other Scandinavian glaci- 
ologists, without which the field of snow hydrology as it has grown up is incon- 
ceivable, was published in Swedish and Norwegian periodicals of worldwide 
distribution. Years later, this work was easily available when American 
hydrologists needed it. 

The Swiss snow-research institute presents a different case, in that it has 
a continuing existence (though emphasis shifts and at present is becoming 
stronger in hydrology). It publishes yearly logs and activity reports, but meet 
its professional obligation through open-journal publication by individual 
investigators. 

These remarks about disposition of the end-products of large, publicly 
supported investigations are written in the hope that they may help hydrolo- 
gists who will take part in even larger programs in the future. Such programs 
should include provision for data publication, perhaps by microcard, and for 
a summary report like “Snow Hydrology.” But it is necessary also that indi- 
viduals publish their own research in the journals, whether or not the program 
produces a series of research reports. 

Where pertinent in this discussion, the writer has referred the interested 
reader to papers by the research men themselves, or at least to their reports 
in the snow program. Such references in scientific writing are not, as might 
be thought, made to recognize a contribution to the field; primarily, they are 
an obligation to the reader who may question a summary, find it too brief, 
unconvincing, at variance with experience, or who may feel that a conclusion 
has doubtful derivation or is insufficiently backed by data. He wants, and 
needs, the original definitions, methods of observation, steps of analysis, 
derivations, results, and checks, preferably in the words of the investigator. 

In general, the men in the snow program put out good reports, which are 
well edited, detailed in data and analysis, and documented; but they are not 
easily available. It would benefit the field of snow hydrology if the individuals, 
wherever they may be now, would take on themselves the burden of getting 
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their work into circulation. This responsibility nobody else, including the 
authors of the paper under discussion, can take for them. 
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THE HYDROLOGY OF URBAN RUNOFF2 


Discussion by P. O. Wolf 


P. O. WoLr,! M. ASCE.—The authors base their runoff calculations on a 
study of the effect of infiltration, retention and detention on a design rainstorm 
of three hours’ duration. The variation of rainfall intensity within the period 
of the storm is based on the empirical rainfall formula of Eltinge and Towne 
which, for a five-year frequency, is given as\l 


90 


1 = ——— 3 
av 4, 0-8 4 a1 (3) 


where igy is the average rainfall intensity (inches/hour) over the period tg 
(minutes). 
For the same purpose the writer put forward, in 1957, a rainfall formula(2) 


R al 
4 = , inches/hour 32 
aw Im (32) 


where R represents a rainfall (inches) associated with the unit duration Ty 
(hours), and Tg is the actual duration of the storm (hours) (which in the 
authors’ case would be 3 hours). 

If the origin of the scale of time T (hours) is taken at the peak intensity, 
the instantaneous intensities of the rising and falling limbs, corresponding re- 
spectively to the authors’ Eqs. (1) and (2), and with r = 3 are 

R 


R 


ai% Je T,-T (2a) 


Eq. (3) has been plotted to logarithmic scales on Fig. 29 on which has been 
drawn a straight line with slope = 1/2 representing 
1°85 


(1a) 


and 


i = (33a) 
av v7, 
7 Git cag wdlded 
av V5 - (33b) 


7 Proc. Paper 1984, March, 1959, by A. L. Tholin and C. J. Keifer. 
|. Reader in Hydrology in the University of London, England, and Visiting 
_ Prof. of Civ. Eng., Stanford Univ., Stanford, Calif. Yo 
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FIGURE 29 


Over a range of 5 < ty < 180 minutes, Eqs. (3) and (33) are seen to be in fair 
agreement. This means that no great numerical change would result in the 
authors’ conclusions on the flood runoff in the sewers of Chicago, from the 
substitution of Eq. (33) for Eq. (3), but the writer suggests that Eq. (33) is 
preferable because 


(a) It is dimensionally consistent and 
(b) It is physically more likely to be correct than (3). 


The justification for statement (b) may be found in considering the values 
of total rainfall over periods in excess of the 180 minutes which represent th 
authors’ upper limit. As tq becomes large, the value of c becomes negligible 
compared with tg0-9 and the total precipitation (inches) tends to 


P = igy . tg / 60 1:5 tg?-l 


which clearly represents too small a rate of increase of total precipitation 
with duration of storms of a given frequency. 

According to Eqs. (32) and (33) the intensity igy or the instantaneous in- 
tensity i would increase to infinity as Tg or T approach zero. As the vari- 
ations of rainfall within the peak have no practical effect on runoff if a short 
enough interval is chosen, the writer’s 1957 paper suggests that the time 
interval considered should be greater than 45 seconds. With the five-year ~ 
frequency adopted by the authors, the peak average intensity would according 
become — 

4 eee 16°5 inches/hour 
av, max Vo-75 (33¢ 
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for a duration of 45 seconds. Although twice the authors’ maximum rate, this 
peak average is quickly reduced with increasing duration. In fact, the instan- 
taneous value i = 8 inches/hour would occur at the beginning and end of a 
high-intensity rainfall burst lasting only a few seconds more than the suggest- 
ed peak period of 45 seconds. 
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TWO METHODS TO COMPUTE WATER SURFACE PROFILES2 


Discussion by T. R. Anand 


elie Et. ANAND,1! A. M. ASCE.—The paper presented by Messrs. Lara and 
Schroeder was studied with interest. The necessity of backwater information 
for the various purposes outlined by the authors is indeed felt in hydro- 
electric development. To their list may be added: Design of bypass and up- 
stream cofferdams, determination of compensation to upstream plants already 
existing if a new development is likely to drown out their tailraces, determi- 
nation of gain in head by tailrace excavation, etc. etc. 

The precise determination of eddy losses is difficult and for this reason 
our practice has been to include it in determining velocity head differences. 
According to our practice, if velocity increases going downstream, the full 
value of the difference of velocity heads e = A is added in working out 
upstream levels. In other words, no eddy loss is considered for this con- 
dition. If velocity ee Tate downstream, the recovery of head is assumed 
50% of the value = on and is subtracted to get upstream water levels. 
Thus, eddy loss is considered to be 50% of the difference of velocity head re- 
covery. 

Fig. 1 shows a comparison of some values calculated according to these 
assumptions with actual values measured two years later. This river reach 
is 3600 feet long and has eddy losses due to small rapids in the lower portion 
and an island in the middle. The maximum difference between computed and 
actual values is only 1.0 foot, where a big island divides the flow. In other 
reaches the difference is only 0.5 foot or less. 

As regards bend losses, the following formula is quite good: 


ue 
Bend loss = coeff x £ vir, Uy 


2 2 

the coefficient depending on the bend angle. q J 

When a bend includes more than one reach, the bend loss coefficient for the 
satire reach is determined and distributed to each reach as a proportion of 
he bend angle in that reach. However, if a value of ‘n’ is carefully determined 
‘rom gauge readings and other information, it generally includes the effect of 
end losses. Where the bends are sharp and backwater information is re- 
{uired within, or just upstream of the bend, separate computations may be 
ustified. 
_ The theory behind the step method for backwater curves is well established 
ind the use of Manning formula is popular too. The concept of carrying 


_— 
+ Proc. Paper 1997, April, 1959, by Joe M. Lara and K. B. Schroeder. 
- Engr., The Shawinigan Eng. Co. Ltd., Montreal, Que., Canada... 
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Capacity K was developed, I believe, by Boris A. Bakhmeteff(1) and is basic to 
iis backwater theory and methods outlined by him. The incorporation of this 
concept into the step method would be useful and time saving in case of rivers 
consisting of a deep section and one or two overbank portions, as suggested 
by the authors. The ordinary standard step method becomes a bit involved in 
such a case, inasmuch as separate values of discharges have to be assumed 
for each distinct channel and adjusted until an agreed upstream level is ob- 
tained, as suggested by Woodward and Posey. (2) 

Sometimes several values of ‘n’ have to be tried in different reaches of a 
river in the course of one backwater study. In such a case, use of plots 
A R2/3 vs water depth is more useful than the use of K curves. 


kK = 1486 ARS 
im 


It can be seen from the above equation that if K curves were used in such 
a case, a set of curves would need to be plotted for each value of ‘n’; if 
A R2/3 curves could serve various trials. A good example of this case oc- 
curs where ‘n’ for a certain reach is determined from known value of dis- 
charge and gauge readings at a few stations within the reach by backwater 
calculations. 


REFERENCES 
1. Bakhmeteff, Boris A., “Hydraulics of Open Channels”, McGraw-Hill 
Book Company, 1932. 


2. Woodward, Sherman M., and Posey, Chesley J., “Hydraulics of Steady Flow 
in Open Channels”, John Weley & Sons, Inc., 1949. 


4 


PROCEEDINGS PAPERS 


The technical papers published in the past year are identified by number below. Technical-division 
mm Orship is indicated by an abbreviation at the end of each Paper Number, the symbols referring to: Air 
ansport (AT), City Planning (CP), Construction (CO), Engineering Mechanics (EM), Highway (HW), Hy- 
wutics (HY), Irrigation and Drainage (IR), Pipeline (PL), Power (PO), Sanitary Engineering (SA), Soil 
ehanics and Foundations (SM), Structural (ST), Surveying and Mapping (SU), and Waterways and Harbors 
W), divisions. Papers sponsored by the Department of Conditions of Practice are identified by the sym- 
= (PP). For titles and order coupons, refer to the appropriate issue of “Civil Engineering-” Beginning 
h Volume 82 (January 1956) papers were published in Journals of the various Technical Divisions... To 
ate papers in the Journals, the symbols after the paper number are followed by a numeral designating 

issue of a particular Journal in which the paper appeared. For example, Paper 1859 is identified as 
'§ {HY7) which indicates that the paper is contained in the seventh issue of the Journal of the Hydraulics 
asion during 1958. 


VOLUME 84 (1958) 


GUST: 1725(HY4), 1726(HY4), 1727(SM3), 1728(SM3), 1729(SM3), 1730(SM3), 1731(SM3), 1732(SM3), 1733 
(P04), 1734(PO4), 1735(PO4), 1736(PO4), 1737(PO4), 1738(PO4), 1739(PO4), 1740(PO4), 1741(PO4), 1742 
(PO4), 1743(PO4), 1744(PO4), 1745(PO4), 1746(PO4), 1747(PO4), 1748(PO4), 1749(P04). 


PTEMBER: 1750(IR3), 1751(IR3), 1752(0R3), 1753(0R3), 1'754(IR3), 1'755(ST5), 1756(ST5), 1757(ST5), 1758 
(ST5), 1759(ST5), 1760(ST5), 1761(ST5), 1762(ST5), 1763(ST5), 1764(ST5), 1765(WW4), 1766(WW4), 1767 
(Ww4), 1768(WW4), i1769(WW4), 1770(ww4), 1771(WW4), 1772(WW4), 1773(WW4), 1774(IR3), 1775(IR3), 
1776(SA5), 1777(SA5), 1778(SA5), 1779(SA5), 1780(SA5), 1781(WW4), 1782(SA5), 1783(SA5), 1784(0R3)°, 
1785(ww4)°, 1786(SA5)°, 1787(ST5)°, 1788(IR3), 1789(WW4). 


TOBER: 1790(EM4), 1791(EM4), 1792(EM4), 1793(EM4), 1794(EM4), 1795(HW3), 1796(HW3), 1'797(HW3), 
1798(HWS), 1799(HW3), 1800(HW3), 1801(HW3), 1802(HW3), 1803(HW3), 1804(HW3), 1805(HW3), 1806(HY5), 
1807(HY5), 1808(HY5), 1809(HY5), 1810(HY5), 1811(HY5), 1812(SM4), 1813(SM4), 1814(STS6), 1815(ST6), 
1816(ST6), 1817(ST6), 1818(ST6), 1819(ST6), 1820(ST6), 1821(ST6), 1822(EM4), 1823(PO5), 1824(SM4), 
1825(SM4), 1826(SM4), 1827(ST6)°, 1828(SM4)°, 1829(HW3)°, 1830(PO5)°, 1831(EM4)°, 1832(HY5)°. 


VEMBER: 1833(HY6), 1834(HY6), 1835(SA6), 1836(ST7), 1837(ST7), 1838(ST7), 1839(ST7), 1840(ST7), 
1841(ST7), 1842(SU3), 1843(SU3), 1844(SU3), 1845(SU3), 1846(SU3), 1847(SA6), 1848(SA6), 1849(SAG), 1850 
(SAG), 1851(SAG), 1852(SA6), 1853(SA6), 1854(ST7), 1855(SA6)°, 1856(HY6)°, 1857(ST7)°, 1858(SU3)°. 


CEMPER: 1859(HY7), 1860(IR4), 1861(IR4), 1862(IR4), 1863(SM5), 1864(SM5), 1865(ST8), 1866(ST8), 1867 
(STS), 1868(PP1), 1869(PP1), 1870(PP1), 1871(PP1), 1872(PP1), 1873(WW5), 1874(WWS), 1875(WW5), 1876 
(WW5), 1877(CP2), 1878(ST8), 1879(ST8), 1880(HY7)°, 1881(SM5)°, 1882(ST8)°, 1883(PP1)°, 1884(WWw5)°, 
1885(CP2)°, 1886(PO6), 1887(PO6), 1888(PO6), 1889(PO6), 1890(HY7), 1891(PP1). 


VOLUME 85 (1959) 


: 1892(AT1), 1893(AT1), 1894(EMi), 1895(EM1), 1896(EM1), 1897(EM1), 1898(EM1), 1899(HW1), 
O(HW1), 1901(HY1), 1902(HY1), 1903(HY1), 1904(HY1), 1905(PL1), 1906(PL1), 1907(PL1), 1908(PL1), 
JOS(ST1), 1910(ST1), 1911(ST1), 1912(ST1), 1913(ST1), 1914(ST1), 1915(ST1), 1916(AT1)°, 1917(EM1)°, 
Ji8(HW1)°, 1919(HY1)*, 1920(PL1)°, 1921(SA1)°, 1922(ST1)°, 1923(EM1), 1924(HW1), 1925(HW1), 1926 
PL1), 1927(HW), 1928(HW1), 1929(SA1), 1930(SA1), 1931(SA1), 1932(SA1). 


> 1933(HY2), 1934(HY2), 1935(HY2), 1936(SM1), 1937(SM1), 1938(ST2), 1939(ST2), 1940(ST2), 
), 1942(ST2), 1943(ST2), 1944(ST2), 1945(HY2), 1946(PO1), 1947(PO1), 1948(PO1), 1949(PO1), 
O(HY2)°, 1951(SM1)°, 1952(ST2)°, 1953(PO1)¢, 1954(CO1), 1955(CO1), 1956(CO), 1957(CO1), 1958(CO1), 
959(CO1). ae 

RCH: 1960(HY3), 1961(HY3), 1962(HY3), 1963(IR1), 1964(IR1), 1965(IR1), 1966(IR1), 1967(SA2), 1968(SA2), 
1969(ST3), lt Bi 1971(ST3), 1972(ST3), 1973(ST3), 1974(ST3), 1975(ST3), 1976(WW1), 1977(WW1), 
(978(WW1), 1979(WW1), 1980(WW1), 1981(WW1), 1982(WW1), 1983(WW1), 1984(SA2), 1985(SA2)°, 1986 
TRIS, 1987(wWW1)°, 1988(ST3)°, 1989(HY3)°. 


UL; 1 , 1991(EM2), 1992(EM2), 1993(HW2), 1994(HY4), 1995(HY4), 1996(HY4), 1997(HY4), 1998 
), Steely ene Eran: 2002(ST4), 2003(ST4), 2004(ST4), 2005(ST4), 2006(PO2), 2007 
2), 2008(EM2)°, 2009(ST4)°, 2010(SM2)°, 2011(SM2)°, 2012(HY¥4)°, 2013(PO2)°. 


rs 20 : , 2016(AT2), 2017(HY5), 2018(HY5), 2019(HY5), 2020(HY5), 2021(HY5), 2022(HY5) 
= epee ety ater apes 2028(PP1), 2029(PP1), 2030(SA3), 2031(SA3), 
2(SA3), 2033(SA3), 2034(ST5), 2035(ST5), 2036(STS5), 2037(ST5), 2038(PL2), 2039(PL2), 2040(AT2)°. 
i(PL2)°, 2042(PP1)°, 2043(ST5)°, 2044(SA3)°, 2045(HY5)°, 2046(PP1), 2047(PP1). 


(ave)°, 2077(SM3)°, 2078(ww2)° 

1), 2080(HY7), 2081(HY7), 2082(HY7), 2083(HY7), 2084(HY7), 2085(HY7), 2086(SA4), 2087 
Ale 2091 : 2092(EM3), 2093(EM3), 2094(EM3), 2095(EM3), 2096 

2097(HY7)°, , 2099 ‘A 2100(AT3), 2101(AT3), 2102(AT3), 2103(AT3), 2104(ATS), 

}, 2106(AT3), 2107(AT3), 2108(AT3), 2109(AT3), 2110(AT3), 2111(AT3), 2112(AT3), 2113(AT3), 

-2115(AT3), 2116(AT3), 2117(AT3), 2118(AT3), 2119(AT3), 2120(ATS), 2121(ATS), 2122(AT3), 

2124(AT3), 2125(ATS). 7 


¥8), 2127 21281 v8), 2 (ava), 2130(P04), 2181(P04), 132(P04), 2133(P04), 2134 


mg 


AMERICAN SOCIETY OF CIVIL ENGINEERS 


OFFICERS FOR 


Term expires October, 1959: 


WALDO G. BOWMAN 
SAMUEL B. MORRIS 


Term expires October, 1959: 


CLINTON D. HANOVER, Jr. 


E. LELAND DURKEE 

HOWARD F. PECKWORTH 
_ FINLEY B. LAVERTY 

WILLIAM J. HEDLEY 


“RANDLE B. ALEXANDER 


be He) 


PRESIDENT 
FRANCIS S. FRIEL 


VICE-PRESIDENTS 


Term expires October, 1 " 
PAUL L. HOLLAND | 
LLOYD D. KNAPP 


DIRECTORS 


Term expires October, 1960: 


PHILIP C. RUTLEDGE 
WESTON S. EVANS 


‘TILTON E, SHELBURNE 


CRAIG P. HAZELET 
DONALD H. peti 
JOHN E. coe 


